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SUMMARY 
The structural members of steel frames are jointed by connections. These 
connections are neither rigid nor pinned but semi-rigid. The performance of steel 
structures is highly influenced by the behaviour of connections which is characterized by 
the moment-rotation curve. This thesis studies the effects of semi-rigid connections on 
steel and composite steel-concrete frames, in particular the behaviour and influence of 
end plate connections. 
The first part of the thesis concerns the performance of unbraced planar steel frames 
with semi-rigid joints. Several aspects are investigated, concerned mainly with the 
serviceability limit state. Using the definition given in Eurocode 3 for a rigid connection, 
it is suggested that the conventional limit for the sway angle should be relaxed by 10% 
when the rotational behaviour of the joints is included in the analysis. For frames 
designed by the wind-moment method, it is proposed that deflections based on the 
assumption of rigid joints should be increased by 50% to allow for the connection 
flexibility. An approximate method, in which the stiffness of beams are reduced to 
account for joint flexibility, was found to be sufficiently accurate if deflections based on 
semi-rigid behaviour were to be calculated. Finally, studies on the ultimate limit state 
show that the resistance of a joint has significant effect on the collapse load of a frame, 
compared to the more modest influence of joint flexibility. 
The second part of the thesis concerns the behaviour of composite connections in 
braced frames. This part consists of a concise collection of the available experimental 
data, a description of the test programme conducted by the author, a proposed method for 
prediction of connection stiffness and studies on redistribution of moments in composite 
beams. Eleven tests have been carried out on bare steel and composite end plate joints. 
Their moment-rotation behaviour is recorded and the influence of variables on the joint 
stiffness is pointed out. These variables are the amount of reinforcement in the concrete 
slab, the type of steelwork connection and the beam depth. Increase in the amount of 
reinforcement increases significantly the moment resistance of the composite joint but 
does not influence its initial stiffness. I % reinforcement with respect to the area of 
concrete slab is proposed to be used for an efficient design. The increase in the depth of 
steel section increases the moment resistance and stiffness of composite connection but 
reduces its rotation,capacity. The effect of semi-rigid composite connections on column 
stability is also studied and a value of 0.75 is proposed as the effective length factor for 
columns. The proposed method for prediction of connection behaviour is shown to be in 
satisfactory agreement with the test results. From the final studies in Part Two formulae 
are proposed for calculation of the required rotation capacity of composite connections. 
Table of Contents 
Chapter 1, Introduction ............................................................................................................ 1 
1-1-Prin.cipal Definitions .......................................................................................................... 2 
1-1-1-Resista.nce to Sway ................................................................................................... 2 
1-1-2-Second Order Effects ................................................................................................ 3 
1-1-3-Classification of Sections .......................................................................................... 3 
1-1-4-Simple and Continuous Construction ....................................................................... 4 
l-l-S-Semi-Rigid Action .................................................................................................... 4 
1-1-6-Classification of Connections ......................................... .......................................... 6 
1-2-Design and Analysis of Steel Frames ................................................................................ 7 
1-2-1-Methods of Frame Design ......................................................................................... 7 
1-2-1-1-American Standard, AISC .............................................................................. 7 
1-2-1-2-British Standard, BS5950 ............................................................................... 8 
1-2-1-3-European Unified Standard, Eurocode 3 ........................................................ 9 
1-2-14-Wind-Moment Method ................................................................................... 10 
1-2-2-Methods of Frame Analysis ...................................................................................... 11 
1-2-2-1-Global Analysis of Semi-Rigid Frames ......................................................... 12 
1-2-2-2-Beam Line Method ......................................................................................... 14 
1-3-Scope of Part One .............................................................................................................. 15 
1-4-Design and Analysis of Composite Frames ...................................................................... 16 
1-4-1-Codes of Practice ...................................................................................................... 18 
1-4-1-1-British Standard, BS5950:Pt 3 ....................................................................... 18 
1-4-1-2-European Unified Standard, Eurocode 4 ........................................................ 19 
1-4-2-Need for Research on Composite Frames with Semi-Rigid Connections ................ 20 
1-5-Scope of Part Two ............................................................................................................. 21 
PART ONE 
END PLATE CONNECTIONS IN UNBRACED STEEL FRAMES 
Chapter 2, Introduction to Semi-Rigid Steel Connections ...................................................... 33 
2-1-Experimental Background to Semi-Rigid Connections .................................................... 33 
2-1-1-Header Plate Connection .......................................................................................... 35 
2-1-2-Flush End Plate Connection .................................. :................................................... 35 
2-1-3-Extended End Plate Connection ............................................................................... 37 
2-2-Methods of Prediction of Ioint Behaviour ........................................................................ 38 
2-2-1-Initial Stiffness .......................................................................................................... 39 
2-2-2-Bilin.ear ...................................................................................................................... 40 
2-2-3-Piece-wise Linear ...................................................................................................... 40 
2-2-4-Non-Linear ................................................................................................................ 41 
2-2-S-Mechanical Models ................................................................................................... 42 
2-2-6-Finite Element Models ................................................................................. ....... ...... 42 
2-2-7-Eurocode 3 ................................................................................................................ 43 
2-3-Semi-Rigid Analysis of Frames ........................................................................................ 43 
2-3-1-Lin.ear Elastic Analysis ............................................................................................. 45 
2-3-2-Non-Lin.ear Elastic Analysis ..................................................................................... 45 
2-3-3-Inelastic Analysis ...................................................................................................... 47 
2-3-4-Effect of Joint Behaviour on Response of Three Storey Frame ............................... 50 
2-4-Recent Studies on Columns Restrained by Semi-Rigid Connections ............................... 51 
2-4-1-Indirect Design of Column ....................................................................................... 52 
2-4-2-Background to Columns in Semi-Rigid Frames ....................................................... 53 
2-5-Conclusions ....................................................................................................................... 55 
Chapter 3, Studies on Unbraced Steel Frames with Semi-Rigid Connections ........................ 70 
3-1-Study on EC3 Classification of Connections .................................................................... 71 
3-1-1-Design of Frames ...................................................................................................... 72 
3-1-2-Analysis of Frames ................................................................................................... 73 
3-1-3-Parametric Study ....................................................................................................... 74 
3-1-3-1-0verall Height to Width Ratio for the Frame ................................................ 75 
3-1-3-2-Sizes of Beam Section .................................................................................... 76 
3-1-3-3-Sizes of Column Section ................................................................................ 76 
3-1-3-4-Grades of Steel ............................................................................................... 77 
3-14-Conclusion ................................................................................................................ 77 
3-2-Study on Sways of Frames with Semi-Rigid Connections ............................................... 78 
3-2-1-Frye & Morris Relationship ...................................................................................... 79 
3-2-1-1-End Plate Connection ..................................................................................... 80 
3-2-1-2-Modified Relationships .................................................................................. 80 
3-2-2-Eurocode3 Relationship .................................................... ,....................................... 81 
3-2-2-1-The Stiffuess Factor ........................................................................................ 82 
3-2-2-2-The Modification Factor ................................................................................. 83 
3-2-3-Comparison of Sways Using Two Groups of Formulae ........................................... 83 
3-2-3-1-Moment-Rotation Data ................................................................................... 84 
3-2-3-2-Results ............................................................................................................ 84 
3-2-4-Comparison Between Frye & Morris and EC3 Equations ........................................ 85 
3-2-5-A Criterion for Serviceability Limit State ................................................................ 87 
3-3-Calculation of Sways in Unbraced Frames by Approximate Methods ............................. 89 
3-3-I-Derivation of the Rigid Analysis .............................................................................. 89 
3-3-1-1-Substitute Frame ............................................................................................. 90 
3-3-1-2-Examples ........................................................................................................ 91 
3-3-2-Derivation of Semi-Rigid Analysis ........................................................................... 92 
3-3-2-1-Special Case in Sway Frame .......................................................................... 93 
3-3-2-2-Examples ........................................................................................................ 94 
3-3-3-Equivalent Stiffness Used in Substitute Frame ........................................................ 9S 
3-4-Semi-Rigid Action at Collapse .......................................................................................... 95 
34-1-Full Strength Conn.ection .......................................................................................... 96 
3-4-2-Partial Strength. Connection ...................................................................................... 97 
3-S-Conclusions ....................................................................................................................... 98 
PART TWO 
END PLATE CONNECTIONS IN BRACED COMPOSITE FRAMES 
Chapter 4, Introduction to Composite Connections ................................................................. 128 
4-1-Definition of Composite Connection in EC4 .................................................................... 129 
4-2-Definition of Moment Resistance and Rotation Capacity ................................................. 130 
4-3-Classification of Connections in EC4 ............................................................................... 130 
4-4-Experimental Background ................................................................................................. 131 
Chapter 5, Tests on Composite Connections ........................................................................... 152 
S-l-Inttoduction ....................................................................................................................... 152 
S-l-l-The Selection of Connection Details ........................................................................ 152 
S-1-2-The Design of Connections ....................................................................................... 155 
S-1-3-Test Specimen and Test Rig ..................................................................................... 156 
S-14-Fabrication of Test Specimens .................................................................................. 157 
5-1-S-InstI1lmentation ................................ ~ ...... _................................................................. 159 
S-1-6-0ata Aquisition System ............................................................................................ 162 
5-2-Testing Procedures ............................................................................................................ 162 
S-2-l-Major Axis Tests ....................................................................................................... 163 
5-2-2-Minor Axis Tests ....................................................................................................... 164 
5-3-Test Observations .............................................................................................................. 166 
S-3-l-Major Axis Tests ....................................................................................................... 166 
S-3-1-1-Test 1 .............................................................................................................. 166 
5-3-1-2-Test 2 .............................................................................................................. 167 
5-3-1-3-Test 3 .............................................................................................................. 167 
5-3-1-4-Test 4 ................................................................. 4............................................. 167 
5-3-1-5-Test 7 .............................................................................................................. 169 
5-3-1-6-Test 9 ............................................................................................................... 170 
5-3-1-7-Test 10 ............................................................................................................ 171 
5-3-2-Minor Axis Tests ....................................................................................................... 172 
5-3-2-1-Test S .............................................................................................................. 172 
5-3-2-2-Test 6 .............................................................................................................. 173 
S-3-2-3-Test8 .............................................................................................................. 174 
5-3-2-4-Test 11 ............................................................................................................ 175 
54-Material Tests on Steel Sections and Reinforcement ........................................................ 176 
S-4-1-SteelSections ............................................................................................................. 176 
S-4-2-Reinforcement ........................................................................................................... 177 
Chapter 6, Assessment of Test Results .................................................................................... 206 
6-1-Inttoduction .................................................................... ,.................................................. 206 
6-1-1-Resistance Moment of Steel Connection .................................................................. 207 
6-1-2-Resistance Moment of Composite Connection ......................................................... 207 
6-1-3-Resistance Moment of Steel Beam ........................................................................... 208 
6-14-Resistance Moment of Composite Be8lIl .................................................................. 208 
6-l-S-Predicted Resistance Moment of Connection ........................................................... 209 
6-2-Analysis of Test Results .......................................................................... ,......................... 209 
6-2-1-Major Axis Tests ....................................................................................................... 209 
6-2-1-1-Test 1 .............................................................................................................. 209 
6-2-1-2-Test 2 .............................................................................................................. 210 
6-2-1-3-Test 3 .............................................................................................................. 211 
6-2-1-4-Test4 .............................................................................................................. 212 
6-2-1-S-Test7 .................•................•......................................................................... II 214 
6-2-1-6-Test9 .............................................................................................................. 215 
6-2-1-7-Test 10 ............................................................................................................ 218 
6-2-2-Minor Axis Tests ............•......................•................................................................... 220 
6-2-2-1-Test S •••••.••••••••••.••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••••• II 220 
6-2-2-2-Test 6 ........................................••.................................................................... 221 
6-2-2-3-Test 8 .............................................................................................................. 222 
6-2-2-4-Test 11 ............................................................................................................ 222 
6-2-2-5-General Remarks on Minor Axis Tests .......................................................... 223 
6-3-Classification of Composite Connections ......................................................................... 225 
6-3-1-Major Axis Conn.ections .........•...........•..............•......••.............................................. 225 
6-3-2-Minor Axis Connections ........................................................................................... 227 
6-3-3-Comparison between Major and Minor Axis Connections ...................................... 228 
6-4-Effect of Variables on Behaviour of Connections ............................................................. 228 
6-4-1-Reinforcement Detailing and Depth of Beam Section ............................................. 229 
6-4-2-Type of Steelwork Connection ................................................................................. 233 
6-4-3-Type of Loading ........................................................................................................ 233 
6-4-4-Shear Connection ......................................................................................... ............. 235 
6-5-Tests on Composite End Plate Connections Elsewhere .................................................... 236 
6-S-1-Tests in Italy ...........................................•.................................................................. 236 
6-5-2-Tests in Nottingham ..........................•.....................•........... :..................................... 237 
6-5-3-Comparison between Tests in Italy and Nottingham ................................................ 237 
6-S-4-Comparison between Tests in Warwick, Nottingham and Italy............................... 238 
6-6-Column Stability in Semi-Continuous Framing ................................................................ 239 
6-6-1-Quantifying Effective Length of Column ................................................................. 240 
6-7 -Conclusions ..............•.........••.....................••.......•.•..•••.•.............•.........................•.... ... ...•.. 242 
Chapter 7, Prediction of Connection Stiffness ......................................................................... 270 
7-1-Background to Prediction of Stiffness of Composite Joints ............................................. 270 
7-2-Basis of Proposed Model................................................................................................... 274 
7-3-Proposed Model ................................................................................................................. 275 
7-3-1-Detennination of Spring Stiffness of Steelwork Joint .............................................. 276 
7-3-2-Initial Model ............................. ,............................................................................... 276 
7-3-3-Detennination of Spring Stiffness of Shear Connectors ........................................... 278 
7-3-4-Connection Model Including Slip ............................................................................. 278 
7-3-5-Connection Model Including Concrete ..................................................................... 280 
7 -4-Proposed Moment-Rotation Curve .................................................................................... 283 
7 -S-Summary and Conclusions ................................................................................... ....... ...... 284 
Chapter 8, Redistribution of Moments in Composite Beams .................................................. 306 
8-1-Metb.od.s of Analysis .......................................................................................................... 306 
8-1-1-Elastic Global Analysis ............................................................................................. 307 
8-1-2-Plastic Hinge Analysis .............................................................................................. 308 
8-1-3-General ...................................................................................................................... 309 
8-2-Background to Moment Redistribution in Composite Beams .......................................... 310 
8-3-Computer Program "SRCB" .............................................................................................. 313 
8-3-1-Material Properties .................................................................................................... 313 
8-3-2-Moment-Curvature Relationships ............................................................................. 314 
8-3-3-Analysis of Fixed-End Beam .................................................................................... 315 
8-3-4-Incorporation of Connection Rotation ...................................................................... 316 
8-3-5-Verification of Computer Program ........................................................................... 318 
8-3-6-Application of Plastic Analysis to Non-Plastic Sections .......................................... 319 
8-4-Maximum Redistribution of Moments .............................................................................. 320 
8-4-1-Pilot Study ................................................................................................................. 321 
8-4-2-Effect of Reinforcement on Redistribution of Moments .......................................... 323 
8-4-3-Redistribution of Moments in Composite Beams with 1 % Reinforcement ............. 326 
8-5-Required Rotation of Composite Connections .................................................................. 328 
8-S-1-Initial Studies ............................................................................................................ 329 
8-S-2-Derivation of Formulae for Required Rotation ......................................................... 331 
8-S-2-1-Elastic Romtion .............................................................................................. 331 
8-S-2-2-Plastic Rotation .............................................................................................. 332 
8-S-2-3-Required Romtion .......................................................................................... 333 
8-S-3-Verification of Proposed Formul!le ........................................................................... 336 
8-S-3-1-Propped Constrllction ..................................................................................... 337 
8-5-3-2-Unpropped Construction ................................................................................ 338 
8-S-4-Required Rotation for Attainment of Full Sagging Moment Resistance .................. 338 
8-6-Conclusions ............................................................... ........................................................ 340 
Chapter 9, Conclusions and Suggestions for Further Work .................................................... 370 
9-1-Conclusions of Study on Unbraced Semi-Rigid Steel Frames .......................................... 370 
9-2-Conclusions of Study on Composite Connections in Braced Frames ............................... 371 
9-3-Suggestions for Further Work ........................................................................................... 375 
References ................................................................................................................................ 378 
Appendix A .............................................................................................................................. A·I 
Appendix B .............................................................................................................................. B·l 
Appendix C .............................................................................................................................. C-l 
Appendix D .............................................................................................................................. 0-1 
Appendix B .............................................................................................................................. E-l 
Appendix F ............................................................................................................................... F-l 
Appendix G .............................................................................................................................. G-1 
Appendix H .............................................................................................................................. H-l 
Publications ............................................................................................................................. . 
Notation 
Ac area of concrete slab (above decking) 
A, cross sectional area of reinforcement 
As cross sectional area of steel section 
B breadth of the flange of steel section 
C secant stiffness of joint 
CI constants 
C, stiffness of steelwork connection 
D beam depth 
Db distance between the centroid of top row of bolts and beneath the bottom flange of beam 
Db 1 distance from the centroid of top row of bolts between the beam flanges to beneath the 
bottom flange of beam 
Db2 distance between the centroid of top row of bolts in the extended part of end plate and 
beneath the bottom flange of beam 
Dc depth of the column section 
D, distance between the centroid of reinforcement and beneath the bottom flange of beam 
D I distance between the top face of the ribs of decking and beneath the beam bottom flange 
E modulus of elasticity 
Ee modulus of elasticity of concrete 
E, modulus of elasticity of reinforcement 
E, modulus of elasticity of structural steel 
F force 
Fb force in the top row of bolts in the mechanical model 
FI force in component i 
F'.Rd force in the first row of bolts below tension flange due to moment MRd 
F, force in reinforcement in the mechanical model 
I second moment of area 
Ib second moment of area of beam section 
Ie second moment of area of column section 
I, second moment of area of beam in the substitute frame 
K member stiffness 
Ka stiffness of compression spring in the mechanical model 
Kb beam stiffness 
Kb stiffness of the spring representing the stiffness of steelwork joint in the mechanical mOde.I __ _ 
Kbb stiffness of bottom beam in substitute frame 
KbI stiffness of top beam in substitute frame 
Ke column stiffness in substitute frame 
Ke stiffness of the spring representing the concrete slab in the mechanical model 
Kp stiffness of the spring representing the profiled steel sheeting in the mechanical model 
K, "relative stiffness" of beam 
K, stiffness of the spring representing reinforcement in the mechanical model 
K, ratio of "relative beam" stiffness to the actual beam stiffness 
K, ,c stiffness of the spring representing the reinforcement and concrete in the mechanical model 
K, stiffness of the spring representing shear connectors in the mechanical model 
L length of structural member 
Lb length of beam 
M bending moment 
Me resistance moment of composite connection 
Mcrae. test moment at the time of first crack 
Me elastic moment at the support of a fixed-end beam 
M" hogging moment at support 
Mj moment at the end joint of composite beam 
Mil joint moment at construction stage 
Mpl.Rd plastic moment resistance of beam (hogging) 
Mpc plastic design moment resistance of composite beam in hogging bending 
Mph plastic moment resistance of composite beam in hogging bending 
MpJ plastic moment resistance of composite beam in sagging bending 
Mpu plastic design moment resistance of steel section 
MRd design resistance moment of connection 
Msc resistance moment of steelwork connection 
Msi sagging moment of steel beam at construction stage 
Mu ultimate moment 
My yield moment 
MYJ sagging yield moment of composite beam 
P force 
PA; characteristic resistance of a stud connector 
Rb force in the top row of bolts 
Rb 1 force in the top row of bolts between the beam flanges 
Rb2 force in the top row of bolts in the extended part of end plate 
Rj force in the bottom flange of beam 
R, force in reinforcement 
S cladding stiffness 
T beam flange thickness 
z rotation of joint for a unit value of moment 
be effective breadth of concrete slab 
d distance between two extreme end rows of bolts 
I column flange thickness 
leu cube strength of concrete 
Iy yield strength of structural steel 
Iy, yield strength of reinforcement 
/ys yield strength of steel section 
h column height 
hI distance from first row of bolts below tension flange to centre of compression 
k short term stiffness of a stud connector 
k ratio of support moment resistance to midspan moment resistance of composite beam 
k/ stiffness factor for component i 
effective length of column 
ly yielded length of composite beam in sagging bending 
m non-dimensionalised moment 
r redistribution ratio 
s spacing of shear connectors 
s shape factor 
Sm modification multiplier for beam span 
t, tt end plate thickness 
tIc column flange thickness 
twe column web thickness 
W uniformly distributed load 
W$ serviceability load 
Wu ultimate state load 
x depth of the beam web in compression 
xp distance between the plastic neutral axes of composite and steel section 
A displacement 
~b displacement at the top row of bolts in the mechanical model 
~r displacement at the reinforcement in the mechanical model 
~$ displacement at the steel-concrete interface in the mechanical model 
<I» total end rotation of a beam connected to a column 
<1>0 end rotation of beam associated with yielding at midspan 
<l> non-dimensionalised sway 
a load factor 
~ modular ratio of steel to concrete 
~ multiplier 
l) displacement. deflection 
I:: strain 
1'\ "distribution factor" 
'Y interface slip 
'Ym partial safety factor 
'Yp plastic slip of a stud connector 
1<.': curvature of composite beam 
III modification factor for component; 
co multiplier to "semi-rigid force ratio" 
~ connection rotation 
~ non-dimensionalised rotation 
~d rotation capacity of connection 
~I initial rotation of steel beam end at construction stage 
~J rotation of steelwork connection 
PI "semi-rigid force ratio" 
p, "semi-rigid force ratio" taking account of position of plastic neutral axis and beam depth 
ay yield stress of steel section 
a rotation of a structural member 
ab rotation at the bottom of column 
at elastic rotation of composite beam 
ap plastic rotation of composite beam 




The steel skeleton has become the most popular type of structural system in modem 
construction for buildings. The skeleton consists of members as beams and columns 
. jointed together through connections. The possibility of fabricating these structural 
elements in the workshop under good quality control, plus the fact that erection of the 
steel skeleton is less dependent on environmental conditions than other forms of 
construction, have contributed to this popularity. 
Following the erection of steel skeleton, further economy will be achieved if the 
floors act as structural elements in conjunction with the steel beams, as composite 
members. This results in smaller member sections, accelerates the execution process and 
facilitates the construction works. The use of fabricated decking adds to the 
attractiveness of composite construction because it provides a platform for the labour and 
form work for concrete. Further benefit may be gained if the columns and beams are 
encased in concrete which will also provide some degree of protection against fire. 
Although a structure behaves three-dimensionally, for analysis, it is usually 
idealised to a set of planar sub-structures or frames. The planar frames of each direction 
are then analysed and their interactive effects are superimposed where appropriate. 
Although sophisticated analysis software is available for three-dimensional structures, 
the analysis of individual planar frames is still common in design offices. The studies 
reported in this thesis are applicable to frames idealised in this way. 
This chapter describes different categories of plane frame, including a classification 
based on the type of beam-to-column connection expected to be used. Methods of 
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analysis and design are briefly described, sufficient to demonstrate the scope for the 
research presented in later chapters. The contents of these are given in outline. 
I-I-Principal Definitions 
A structure is designed to resist the applied actions such that both serviceability and 
ultimate limit states are satisfied. The ultimate limit states are those associated with 
collapse of the structure, while serviceability limit states correspond to the states beyond 
which specified service criteria are no longer met The individual elements of a structure 
must also be checked to resist the design actions. 
1·1·I·Resistance to Sway 
All frames should have sufficient stiffness to limit lateral sway. The resistance to 
sway may be provided by either a bracing system or the stiffness of the connected beams 
and columns within the structure. 
According to Eurocode 3(1992), frames may be classified as sway or non-sway, 
and as braced or unbraced: 
"A frame may be classified as non-sway if its response to in-plane horizontal forces 
is sufficiently stiff to be acceptably accurate to neglect any additional internal forces 
or moments arising from horizontal displacements of its nodes." 
"A frame may be classified as braced if its sway resistance is supplied by a bracing 
system with a response to in-plane horizontal loads which is sufficiently stiff for it 
to be acceptably accurate to assume that all horizontal loads are resisted by the 
bracing system." 
According to EC3, a braced frame may be treated as fully-supported laterally. 
·3· 
1·1·2·Second·Order Effects 
The influence of the axial force on the flexural stiffness of a member is usually 
termed the P -() effect. The influence of the vertical loads on the sidesway stiffness of a 
column or frame is referred to as the P -A effects. These effects are shown in Fig. 1·1 and 
generally are referred to as the second-order effects. It is evident that the P -a effects 
have greater influence on the ~verall peIformance of the frame, and they are of particular 
significance in sway frames. 
1·1·3·Classification of Sections 
The moment resistance of steel and composite sections is limited by the 
susceptibility of the section to local buckling. The applicability of plastic stress block 
analysis is dependent on the classification of the section: 
a) Class 1 Plastic; a plastic hinge can develop with sufficient rotation capacity required 
for plastic analysis. 
b) Class 2 Compact; the full plastic moment can develop but local buckling may 
prevent development of a plastic hinge with sufficient rotation capacity required for 
plastic analysis. 
c) Class 3 Semi-Compact; the stress at the extreme fibre can reach the design strength 
but local buckling may prevent the development of full plastic moment. 
d) Class 4 Slender; local buckling may prevent the stress from reaching the design 
strength. 
The rotational behaviour of the sections are shown in Fig. 1·2. In the codes of 
practice for steel and composite construction, explicit allowances have been made for the 
use of non-plastic sections. 
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1-1-4-Simple and Continuous Construction 
In the design of steel frames it is customary to assume the joints are either pinned or 
rigid. In a frame designed as pinned, no moments transfer between beams and columns, 
which results in a conservative choice of beam sections. On the other hand, in a frame 
with rigid joints complete rotational continuity exists at connections and the columns are 
designed for the resulting moments transmitted. The different assumptions are illustrated 
in the beam of Fig. 1-3 where the end moments change due to the flexibility of 
connections. 
The two ideal design approaches are respectively known as "simple" and 
"continuous" construction. In reality, the actual behaviour of connections in frames is 
somewhat between these two extremes. Extensive experimental investigations show that 
joints in practice behave over a wide spectrum with moment transfer characteristics 
varying from those for a very flexible connection to those for a relatively stiff joint. 
The relative complexity of the necessary design calculations and lack of 
comprehensive information on the performance of the full range of connections has 
resulted in persistent use of the two extreme idealisations. Although substantial work has 
been done on the behaviour of steel connections, there is still demand for research to 
provide the practical data required in design. Composite connections suffer particularly 
from shortage of information to enable designers to include their effects when analysing 
the structure. 
1-1-5-Semi-Rigid Action 
The moment distribution in a frame depends on the moment-rotation behaviour of 
the connections. Typical moment-rotation curves for the most commonly used beam-to-
column connections are shown in Fig. 1·4. In this figure, the vertical axis (M) represents 
the perfectly rigid connection, and the horizontal axis (+) reperesents the perfectly pinned 
connection. As shown, the behaviour of most real connections lies between the two axes. 
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The connections with M -+ curves closer to the horizontal axis are flexible, whilst those 
closer to the vertical axis are stiff. As shown in Fig. 1-4, the rotational characteristics of 
joints differ from one type of connection to another. 
It is seen that the connections used in practice are neither pinned nor rigid, rather 
they possess some degree of rotational resistant. The term "semi-rigid" denotes such 
connections. As a result, the more correct approach is to classify all steel frames as 
"semi-rigid" with "simple" and "continuous" construction being extreme idealisations. 
In order to demonstrate the difference between "rigid" and "semi-rigid" connections, 
reference should be made to Fig. 1-5. The connection in Fig. I-S(a) is rigid. It is seen 
that the centreline of the beam remains perpendicular to that of the column after 
deformation under loading. The overall rotation of the beam-column assembly is a whilst 
no rotation occurs between the beam and the column. 
The connection shown in Fig. l-S(b) is semi-rigid. The column rotates through an 
angle a while the beam rotation is <1>. The relative rotation, is defined as the rotation of 
the connection: 
(1.1) 
The moment-rotation relationship of a semi-rigid connection is characterised by the 
following parameters (see Fig. 1-6): 
1) The moment resistance, which is equal to the peak value of the moment-rotation 
curve. 
2) The design moment, which is the value of moment to be resisted by the connection 
to fulfill the design requirements of the joint. 
3) The rotation capacity, which is the maximum rotation achieved at the design 
moment resistance of the connection. 
4) The rotational stiffness, shown in Fig. 1-6, which can be the initial stiffness, the 
secant stiffness, or the tangent stiffness at any point to the M -+ curve. 
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1-1-6-Classification of Connections 
For design considerations. beam-to-column connections may be classified by their 
stiffness as: 
1) Nominally pinned; no moment is transmitted between the beam and the column. 
Thus the connection is only capable of transmitting vertical shear and axial force. 
2) Fully rigid; no relative rotation occurs between the beam and the column and the 
corresponding moments are transmitted between these members. 
3) Semi-rigid; a certain degree of restraint is provided between the beam and the 
column. The connection rotates relative to the adjacent members and transmits a 
moment dependent on its stiffness. 
In addition to classification by stiffness. the beam-to-column connections may be 
classified by resistance. with respect to the design moment resistance of the connected 
beam. This classification divides the connections into: 
1) Nominally pinned; the connection should be able to transmit the forces calculated 
in design. without developing significant moments which might adversely affect 
members of the structure. 
2) Full-strength; the design resistance of the connection should be at least equal to that 
of the beam. 
3) Partial-strength; the design resistance of the connection is less than that of the beam. 
Thus, a connection can be assumed rigid or semi-rigid and at the same time be 
either partial- or full-strength. A connection which can develop a moment up to the 
resistance of the adjacent beam provides maximum strength for the frame. However, the 
fabrication of such connections is costly. partly because they usually need stiffeners. 
Therefore tendency in the construction industry has been to use nominally pinned 
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connections. There is also increasing interest in partial strength connections, which 
possess some degree of stiffness. 
1-2·Design and Analysis of Steel Frames 
1·2·1·Methods of Frame Design 
The traditional pinned assumption for joints results in the design of braced frames in 
which the bracing is to provide lateral stability. On the other hand, when the frame is 
assumed perfectly rigid, this function is given to the moment resistant connections, 
capable of transmitting the internal moments. The question of choosing the design 
method depends partly on cost, comparing bracing with the expenditure on labour and 
material being used to stiffen the connections. However, the design will not be exact and 
not necessarily economic, regardless of the choice of braced or unbraced frame, if the 
semi·rigid behaviour is not taken into account. Extensive investigations by the Steel 
Structures Research Committee(1931)(1934)(l936) and Johnston & Hetchman(l940) 
have shown that a benefit could be achieved in economy by semi-rigid design compared 
to assuming simple connections. 
Recent design codes recognize analysis and design of structures with semi-rigid 
joints for both sway and no sway cases. In addition, a well-established method known as 
the "wind-moment" approach is extensively used in design; this employs pinned and 
rigid joints in sequence, as explained later. 
1-2-1-1-American Standard, AISC 
Current US practice is summarized in the Manual of Steel Construction(l986). Part 
6 of this manual permits two basic "types of construction" as follows: 
a) Type FR (fully restrained), assumes that the beam-to-column connections have 
sufficient rigidity to hold the original angles between intersecting members virtually 
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unchanged. 
b) Type PR (partially restrained), assumes that the connections of beams and girders 
possess insufficient rigidity to hold the original angles between intersecting 
members virtually unchanged. 
The use of Type PR construction depends on the evidence of a predictable 
proportion of full end restraint. Where the connection restraint is ignored, "simple 
framing" construction can be employed. This type assumes that under gravity loads the 
ends of the beams and girders are connected for shear only and are free to rotate. In this 
case, the connections must have sufficient inelastic rotation capacity to avoid overload of 
fasteners or welds under combined gravity and lateral loading. As will be seen later, 
"simple" design of AISC treats the frame by an approach known in Britain as the "wind-
moment" method. 
Although the AISC Manual recognizes the semi-rigid nature of joints, it gives no 
guidance for incorporating the behaviour of connections into frame design. Also the 
partial restraint provided by semi-rigid joints is not accounted for in the Manual. 
However, this code calls for the second-order effects to be considered for both braced 
and unbraced frames. 
1-2-1-2-British Standard, BS5950 
In BS5950:Pt 1(1990), methods of design are classified as: 
a) Simple design, in which the connections are assumed not to develop moments 
adversely affecting either the members or the structure as a whole. The distribution 
of forces is determined on the basis of pinned joints, which may result in some 
non-elastic deformation of material. 
b) Rigid design, in which "the connections are assumed to be capable of developing 
the strength and/or stiffness required by an analysis assuming full continuity". 
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c) Semi-rigid design. in which some degree of connection stiffness is assumed. In this 
method two alternatives are proposed. The first uses experimental data including 
connection moment-rotation behaviour. The second is to restrain the end of the 
beams in "simple" design by an end restraint moment up to 10% of the free moment 
applied to the beam. For the latter recommendation the welds and fasteners are 
designed for the actual resistance of other parts of the connection. not the assumed 
(up to 10%) moment. to avoid brittle forms of failure. 
The 10% of the free moment supposed to be absorbed by the joint has been based 
on the mimimum moment resisted by a flexible joint. However. even unstiffened flange 
cleat connections can resist more than this (Davison(1987». A better approach is to 
account for each type of connection individually by adopting simple criteria. In the 
absence of such guidance. the above percentage can be modified to a greater value where 
a semi-rigid connection is utilized. Benterkia(I991) suggested a minimum of 20% end 
restraint based on the experimental results from other researchers and his numerical study 
on semi-rigid frames. 
t-2-t-3-European Unified Standard, Eurocode 3 
In Part 1.1 of EC3( 1992). the term "type of framing" is used to distinguish between 
frames which are either: 
a) Simple. in which the members are assumed to be effectively pin connected and the 
connections do not develop moment Thus. the structure is statically determinate. 
b) Continuous. in which full continuity is assumed. Elastic. rigid-plastic and elastic-
plastic analyses may be used with appropriate assumptions. Rigid; full-strength; 
and rigid full-strength connections shall be used in these analyses respectively. 
c) Semi-continuous. in which the characteristics of connections are taken into account. 
Elastic. rigid-plastic and elastic-plastic analyses may be used. Elastic analysis 
should be based on reliably predicted design moment-rotation or force-displacement 
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characteristics of the connections. Rigid-plastic analysis should be based on the 
design moment resistances of the connections which have been demonstrated to 
have sufficient rotation capacity. Elastic-plastic analysis should be based on the 
design moment-rotation characteristics of the connections. 
Although EC3 gives guidance on categorizing a frame with regard to the 
performance of the connections, it is still lacking information on different types of joints. 
The only type of connection which has been dealt with in EC3 is the end plate connection 
(flush and extended). Even for this type of joint, the complexity of calculation procedures 
given in Annex J of the code may discourage the designer from making use of the 
method. 
1-2-1-4-Wind-Moment Method 
For unbraced steel frames, an established technique is to rely on the rotational 
stiffness of the connections to provide resistance to wind, even though such restraint is 
ignored under the action of gravity loads. This approach is termed the "wind-moment" or 
"wind-connection" method. The method has been explained and evaluated by Anderson 
et a1(1991)(1992). The following has been extracted from these references. 
The method in its usual form assumes: 
1) under gravity load, the connections act as pins (Fig. 1-7(a»; 
2) under wind load, the connections behave as rigid joints, with points of contrafiexure 
at the mid-height of columns and mid-length of beams (Fig. 1-7(b». 
Members and connections are proportioned initially to withstand gravity load. The 
internal forces and ptoments due to gravity load and wind (Fig. 1-8(a) and (b» are then 
combined in appropriate load cases. The design for strength is completed by amending 
the initial section sizes and other details for the members and connections, to withstand 
the combined effects. 
- 11 -
No calculation is made due to P -~ effects. It is assumed that these can be accounted 
for by using effective column lengths greater than the true lengths, for axes about which 
sway can occur. 
For serviceability, sway deflections are calculated assuming connections are rigid. 
The advantage of the method is simplicity. As the frame is rendered statically 
determinate, internal moments and forces are not dependent on the relative stiffnesses of 
the members. The need to repeat the analysis to correspond to changed section sizes is 
thereby avoided. Consequently, the method has been used extensively, although it has 
not been verified as a generally-applicable approach. 
This method has been used in Part One of this thesis to design a number of frames 
to be analysed with semi-rigid joints. 
Analytical justifications, including the effect of connection flexibility, have been 
carried out on the method and the results have been summarized by Anderson et 
al(1991)(1992), based on the fact that buildings designed according to this method have 
proved satisfactory in use. 
1·2·2·Methods of Frame Analysis 
A frame can be analysed by any rational method in which the eqUilibrium and 
compatibility conditions are satisfied. This necessitates that the mechanical behaviour of 
the materials of the frame's components are known, and the effects of non-linearities are 
recognised. The non-linearities in a semi· rigid frame may arise from the following: 
I) The non-linear M-+ relationship of the connections. 
2) The geometrical non-linearity of the members referred to as the p~ and p-~ 
effects. 
3) The material non-linearities which are inherent to the mechanical properties of 
materials. 
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Two theories may be applied in analysis, depending on whether or not the P-lJ. 
effects are taken into account. According to EC3, a frame may generally be analysed by 
either: 
1) First-order theory using the initial geometry of structure; hence it is employed in 
braced or non-sway frames. 
2) Second-order theory taking into account the influence of deformations of the 
structure; thus it can be used for all types of frames. 
Based on the types of non-linearities and the degree of accuracy required, three 
types of analysis may be used: 
a) Linear elastic analysis, in which the linear behaviour of materials and connections 
are assumed. No account is taken of the P-lJ. effects; hence it is acceptable only for 
stiff connections and low values of displacement. 
b) Non-linear elastic analysis, in which non-linear behaviour of materials and 
connections are used as well as the geometrical non-linearities of the framed 
structure. 
c) Inelastic analysis, in which the yielding of the members is considered and the above 
non-linearities are taken into account. The global analysis of frame may be 
performed on the basis of rigid-plastic or elastic-plastic theory. 
In Part One of this thesis, reference will be made to the above theories where 
analysis of frames is described. 
1·2-2·1·Global Analysis of Semi-Rigid Frames 
The global analysis of frame is carried out with different combination of loading. 
Using the simplified rules for combination of actions given in BC3, the following load 
cases are considered for the design and analysis of the framework: 
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1) Dead, imposed and wind loading. 
2) Dead and wind loading. 
3) Dead and imposed loading. 
Appropriate partial safety factors for loads are proposed in the codes of practice to 
be applied to the loads at serviceability and ultimate limit states. 
Global analysis under service loading is required to determine deflections. The 
second-order effects in this state are less significant than for the ultimate limit states and 
it is common practice in the design of continuous framing for such effects to be ignored. 
For semi-continuous framing, second-order effects need considering and an appropriate 
method can be chosen from those explained above. The joint behaviour may be taken as 
linear elastic, provided that design at ultimate limit state is consistent with elastic global 
analysis (ECCS(l992)). Plastic global analysis should be used at SLS when elastic 
analysis has been found to be inappropriate because the moment resistance of a 
connection or a member has been attained. This matter will be discussed in Chapter 3 and 
a simplified method based on an effective beam model will be presented. 
Although design based on plastic analysis promises greater economy than use of 
elastic methods, the design of unbraced frames have been found to be mostly governed 
by deflection limits, and threfore elastic methods are more appropriate for global analysis 
at ULS (ECCS(1992). However, not all semi-continuous frames will be governed by 
serviceability, particularly where heavy vertical loading is combined with low wind 
loading (Reading(1989». Plastic global analysis is then more appropriate to achieve 
economy. Irrespective of whether an elastic or plastic analysis is used, EC3 permits 
first-order analysis provided the frame is classified as "non-sway". 
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1-2-2-2-Beam Line Method 
The beam line method may be used to analyse a beam with semi-rigid connections. 
Although this approach can be extended to a semi-rigid frame, particularly by use of 
subframes (Benterkia(l991», the concept of the method will be explained for a beam 
with two semi-rigid connections at its ends. This method will be used in Part Two of this 
thesis for validation of a computer program. 
Fig. 1-9 illustrates the concept of the beam line method. The method was proposed 
by Batho & Rowan in the reports to the Steel Structures Research Committee 
(1931)( 1934)( 1936). 
The end rotation <I> of a beam of span L, with flexural stiffness El, equal end 
moments M and under uniformly distributed load w is given by: 
(1.2) 
For a fixed ended beam, the end rotation is zero and from the above equation, the 
corresponding end moment is ~. For a simply supported beam, the end moment is zero 
and the corresponding rotation is ;Jk,. For a given value of w, the two extremes form 
the "beam line" as shown in Fig. 1-9. 
Also shown in Fig. 1-9 is the moment-rotation curve of a typical connection. The 
beam line and the moment-rotation curve intersect at a point, where the corresponding 
values of M and <l> represent the end restraint conditions of a beam with such a 
connection at its ends. 
As w increases, the beam line moves further from the centre of coordinates. For a 
fixed ended beam, yielding occurs at the support at the end moment equal to My. For a 
pinned ended beam, when yielding occurs at the midspan, the end rotation is <1>0' These 
situations are shown in Fig. 1-9 as the "yield beam line" which was developed by 
Sommer(1969). 
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If plasticity develops at the support under the moment My. this will coincide with 
the yielding at midspan at a rotation equal to ~ (Nethercot(1985b)). This is shown in 
Fig. 1-9 as the "two-phase beam line". 
1-3-Scope of Part One 
Part One of the thesis deals with different aspects of semi-rigid action in unbraced 
steel frames. 
To decide on the appropriate methods for design and analysis of a frame. the 
behaviour of joints within the frame has to be identified. Once the joint behaviour is 
recognized. the frame can be taken to be either rigid. semi-rigid or flexible. The 
assumption of a rigid or a flexible frame is made however for simplicity. to avoid the less 
convenient methods of accounting for semi-rigid action. If connections within the frame 
cannot be assumed as either rigid or flexible. because of their moment transfer 
characteristics. then the proper solution is to design and analyse the frame semi-rigidly. 
On the basis of the above argument. EC3 has adopted classification criteria for 
connections in braced and unbraced frames. These will be explained in Part One. The 
boundary defined between rigid and semi-rigid joints in unbraced steel frames will be 
evaluated to determine the influence of such classification on frame behaviour. 
The use of a classification criterion and consequently the adoption of suitable design 
and analysis methods necessitates the knowledge of connection behaviour. This can be 
gained by experiment on the individual joints in a frame; or more practically. by 
prediction of the connection behaviour. based on an appraisal of the mechanical 
behaviour of its con:tponents. 
Many attempts have been made by researchers to predict connection behaviour. 
Recently. EC3 has given a method for stiffness and resistance of end plate connections. 
The prediction equation recommended by BC3 is examined in Part One against a 
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previously proposed equation (Frye & Morris(1975». The influence of the prediction 
method on sway deflections is examined in the context of frames designed by the wind-
moment method. 
The sway response of semi-rigid frames can be obtained by the methods of analysis 
described earlier. The methods account for the behaviour of the joints and perform a 
global analysis to find the displacements. Simplified methods are also available for sway 
calculation. A simplified method based on an effective beam model is explained in Part 
One and is examined against results from rigorous analysis. 
The behaviour of frames at collapse is highly dependent on the performance of 
semi-rigid connections within the frame. The effect of semi-rigid partial- and full-
strength connections on a sample frame is highlighted by the results of plastic analysis of 
the frame. This study is the closing subject in Part One. 
The background necessary for the above studies is given in Chapter 2 while the 
studies themselves are reported in Chapter 3. In Chapter 2 an overview of experimental 
work on steel connections is first made with particular attention to end plate connections. 
The attempts to derive prediction equations for the joint behaviour based on these 
experiments are elaborated. This is of significance not only for the work described in 
Chapter 3 but also for the approach to a prediction equation for composite joints pursued 
in Part Two of this thesis. Methods of including the moment-rotation characteristic of 
connection in the frame analysis are also described in Chapter 2 and indications of frame 
response to semi-rigid action of joints are given. Finally the background to the effect of 
joint behaviour on the stability of columns is summarized. 
1·4-Design and Analysis of Composite Frames 
A composite frame is defined in EC4(l992) as " ... a framed structure .... in which 
some or all of the beams and columns are composite members and most of the remaining 
members are structural steel members". A composite member is "a structural member 
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with components of concrete and of structural or cold-framed steel interconnected by 
shear connection ... ". The terms defined in section 1-1 are general and can be applied to 
both steel and composite construction. 
In composite construction. two phases occur. The first phase is the erection of 
steelwork and concreting of the floors. In this phase. the frame is subjected to 
construction loads. The second phase is after completion of constructional work. and the 
building is subjected to imposed loads from use as well as the dead loads. In the 
construction stage. the beams may be propped or unpropped, which has a significant . 
effect on the stress state of the steel beam both at this stage and subsequently. 
To develop the plastic resistance moment of the composite section, it is necessary to 
transfer a longitudinal force across the steel-concrete interface equal to the lesser of the 
resistance of the concrete flange and the resistance of the structural steel section. Full 
shear connection is provided where the total resistance of the connectors between the 
point of maximum positive moment and each end support is not less than the design 
longitudinal force. Where the maximum positive moment is less than the plastic 
resistance moment of the composite section, the actual number of connectors may be 
reduced below the number for full connection. This is known as "partial shear 
connection" which reduces the bending resistance of the beam. 
The analysis of a composite beam section requires an effective breadth to be taken 
for the concrete slab. The effective breadth in design for the sagging region is different to 
that for the hogging region. This is due to the change of stress distribution in the 
composite section. concrete being subjected to compressive stress in sagging bending and 
tensile stress in hogging bending. 
"Cracked" and "uncracked" (or "gross") sections may be used for calculating the 
second moment of area of the composite section in hogging and sagging regions. In the 
fonner the tensile strength of concrete is neglected but the effectively anchored 
reinforcement within the effective breadth is employed. In the latter the concrete within 
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the effective breadth is included, but the reinforcement is neglected (see Fig. 1-10). The 
detailed rules given in the codes of practice for global analysis of the composite beams 
account for the use of cracked or uncracked sections. 
1·4·1·Codes of Practice 
The codes of practice haye extended the definitions of the types of framing for the 
design of steel frames to composite construction. They have also adopted loading 
combinations similar to those for steel frames. Account has to be taken though of the 
staged construction of composite beams and slabs. 
For the studies reported in Part Two of this thesis, the British Standard and the 
Eurocode specifications need be considered. 
Both codes describe "cracked" and "uncracked" analyses for composite beams. For 
the cracked section method, they take the flexural stiffness as the cracked value over a 
length of 15% of the span on each side of an internal support, and as uncracked values 
elsewhere. For the uncracked section method, the flexural stiffness is taken as the 
uncracked value throughout the beam's length. Both codes permit partial shear 
connection. They also assume the same proportions for the effective breadths. 
1·4·1·1·British Standard, BSS950:Pt 3 
BS5950:Pt 3.1 makes a distinction between the global analysis by which the 
moments and forces in the structure are determined; and the procedures for member 
design. In the former, elastic global analysis may be used without any restriction but 
plastic global analysis should only be used in structures where the members satisfy 
certain criteria given in the code. The plastic moment resistance is used for sections 
which are Class 1 Plastic or Class 2 Compact, otherwise the elastic moment resistance of 
the section is used. 
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In BS5950:Pt 3.1 no mention is made of the connections between beams and 
columns, and hence no account is taken of their influence on composite frames. 
t-4-t-2-European Unified Standard, Eurocode 4 
The two classification systems for steel frames employed in EC3 have also been 
adopted for composite frames. One concerns resistance to sway, and the numerical 
criteria given in EC3 to classify a structure as braced or unbraced have been used in EC4. 
Because of the rarity of sway frames in practice, composite sway frames are not treated 
at present in Part 1 of EC4. 
The second classification system in EC3 relates the method of global analysis to the 
behaviour of connections and is also used in EC4. This classification divides frames into: 
a) Simple frames: Statically determinate structures with nominally pinned 
connections. 
b) Continuous frames: Elastically analysed structures in which connections are either 
nominally pinned or rigid. Alternatively, rigid-plastic analysis can be used in which 
either full strength or nominally pinned connections are assumed. 
c) Semi-continuous frames: Rigid-plastic analysis is used with partial or full strength 
or nominally pinned connections. 
Elastic analysis of semi-continuous frames is excluded from EC4 because at present 
there is no generally accepted method to predict the stiffness of the connections. Rigid-
plastic analysis, with connections classified on the basis of their resistance, can be used in 
such frames. In order to use elastic-plastic analysis for semi-continuous frames, it is 
again necessary to know the stiffness of the connections. 
In EC4 reference has been made to Chapter 6 of EC3 where the connections are 
classified. The restricted scope of the rules in EC3 has already been stated. Although the 
procedures of Annex J of this code for end plate joints can be used in the construction 
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stage, or in connections assumed unreinforced, there are no rules in either EC3 or EC4 
for joints acting compositely. In EC4 the main advice to the designer is a general remark 
to take account of the forces in the reinforcement and concrete. A further comment is 
also made concerning the benefit of improvement in the buckling resistance of the 
column web due to encasement in reinforced concrete. 
1-4·2-Need for Research on Composite Frames with Semi-Rigid Connections 
As mentioned above, neither BS5950:Pt 3 nor EC4 have made recommendations to 
enable account to be taken of semi-rigid action in design of composite frames. The hints 
made in EC4 are not enough to permit designers to perform adequate calculations nor 
analyse rigorously a composite frame (or member) with semi-rigid connections. There is 
need for both experimental and analytical study on the behaviour of joints in composite 
structures. Further research should aim at the methods for prediction of connection 
resistance and stiffness, as well as its effects on composite frame behaviour. 
At present, the design of composite building structures is carried out by the simple 
methods. The beams are usually assumed simply supported and designed according to the 
required resistance in midspan. Sometimes though, mainly in bridge design, continuous 
beams are designed. In this case, sufficient reinforcement is provided to assume that the 
beams act continuously over the internal supports. 
To verify continuous composite beams for the ultimate limit states, the members 
may be analysed by elastic, or subject to certain conditions, by plastic methods. The 
appropriateness of a method depends on the ductility of the reinforcement and on the 
susceptibility of the steel section to local buckling. 
In early stages of loading, the beam behaves elastically, with the moments at the 
internal supports different to those in the midspan region. If the adjacent spans are 
loaded, the moment at the internal support will be greater than that at midspan. Since the 
plastic moment resistance in negative bending is normally smaller than that in positive 
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bending, a large amount of rotation capacity is required at internal supports to achieve a 
complete plastic hinge mechanism. The beams in a composite structure are supported at 
the ends by composite connections and continuity is provided by longitudinal 
reinforcement. Therefore two important characteristics in the design of composite 
connections should be considered: the moment resistance and the rotation capacity. 
There is no established rule for prediction of these aspects of composite joints and a need 
exists for research on these issues. The moment resistance, stiffness and the rotation 
capacity of composite joints are the subjects of Part Two of this thesis. 
Even if sufficient rotation capacity is not available to achieve a plastic collapse 
mechanism, some redistribution of moment will usually occur from internal supports due 
to cracking of concrete and yielding of reinforcement and the steel section. Elastic 
analysis can be based on either the gross section or cracked section. The pennitted 
redistribution is dependent on the method of global analysis used to calculate the internal 
moments. The redistribution is also dependent on the susceptibility of the steel section to 
local buckling. 
Both BS5950:Pt 3.1 and EC4 have recommended maximum percentages of support 
moment that can be redistributed but these are only applicable to fuUy-continuous 
structures. There is need for more research on this matter with regard to the rotation 
capacity of semi-rigid connections. 
l-S-Scope of Part Two 
The need for research on the behaviour of composite connections has been 
discussed above. In comparison with steel connections, much fewer studies have been 
made on composite joints. The codes of practice for composite construction which have 
allowed semi-continuous framing lack explicit rules to take account of semi-rigid 
composite connections. The experimental project described in Part Two concerned the 
behaviour of composite connections with steel end plate joints. This work is followed by 
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studies on the moment redistribution and required rotation of composite beams with 
semi-rigid connections. 
In order to specify a test programme, a review was necessary concerning the 
available data. Chapter 4 describes the previous tests on composite beam-to-column 
connections. The review of Zandonini(1989) covers 26 experiments, but the author's 
survey includes 88 experiments. The comprehensive background given in Chapter 4 can 
be a useful reference for further research. 
The testing procedures and observations of eleven full scale tests are described in 
Chapter 5, while Chapter 6 is devoted to the assessment of the experimental results. The 
measurement methods are described fully and assessed in the light of experience. The 
testing procedures are explained in detail and the results obtained are analysed 
individually and also in a comparative manner. Design features resulting from the tests 
are highlighted for practical applications. 
The results of the experimental work have been used to propose a prediction method 
for the stiffness of composite connections with steel end plate joints. Thus, a brief review 
on the work done by other researchers on this subject is given in Chapter 7. A mechanical 
model is shown to be preferable for composite joints. Most of the previous prediction 
models assume that the plane sections remain plane under applied moments, i.e. they do 
not take account of the connectors' flexibility. It is demonstrated in Chapter 7 that the 
neglect of this effect results in an overestimation of connection stiffness and therefore it 
has to be included in any model. 
The research reported in Chapters 4 to 7 provides material of including connection 
effects in the analysis of composite members. In order to incorporate these effects, a 
computer program has been developed to analyse a beam with semi-rigid joints at its 
ends, to represent a beam member of a semi-rigid composite frame. This program is 
described in Chapter 8 and has been used to analyse composite beams with variable 
parameters. The results of this numerical study are presented and compared with the test 
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results. Formulae are proposed for calculation of the required rotation of the joints in 
order to develop a plastic mechanism in the beam. A sample chart is also given to be 
alternatively used for detennination of the required rotation. The results of Chapter 8 
form a basis for the choice of the connection type and components. as well as the extent 
of moment redistribution from the joints to the midspan. 
Eventually. Chapter 9 will summarize the concluding remarks of the thesis and 
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Fig. 1-3, Effect of end restraint on moments and deflections of a beam 
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Fig. 1-6, Definitions of moment resistance Me, design moment Md, 








(a) FRAME UNDER GRA VITY LOAD (b) FRAME UNDER WIND LOAD 
Fig. 1-7, Frame idealization for wind-moment method 
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Fig. 1-10, Stress distribution in composite sections, (a)negative moment, 
(b)positive moment with plastic neutral axis in concrete flange and steel beam 
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Chapter 2 
INTRODUCTION TO SEMI-RIGID STEEL 
CONNECTIONS 
The efforts made by researchers to clarify the significance of the rotational 
behaviour of joints in semi-rigid frames are summarized herein. Extensive experimental 
and analytical studies have been undertaken over several decades. The results of the tests 
on steel joints have been used by investigators to derive prediction equations for the 
connection stiffness. The effects of semi-rigid joints on the frame behaviour in both 
serviceability and ultimate states have been studied by these researchers and relevant 
suggestions have been made. 
This brief literature survey consists of four parts. Firstly, a review will be given of 
the experimental studies on steel connections, with particular attention to end plate 
connections. This is accompanied by a summary of research to predict the behaviour of 
such connections. Secondly, a more general description is given of the different 
approaches used to model the moment-rotation characteristics of semi-rigid connections. 
Thirdly, the investigations on the response of steel frames with semi-rigid connections 
are explained. Finally. the recent studies on the effects of semi-rigid connections on the 
stiffness of columns are summarized. 
2-t-Experimental Background to Semi-Rigid Connections 
The importance of the degree of end restraint provided by semi-rigid connections 
was realized over seventy years ago. Since then, several hundred connections have been 
tested to find their actual behaviour. 
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Three major reviews were made on experimental results of semi-rigid joints by 
Goverdhan(1984), Nethercot(1985a), and Kishi & Chen(1986). Details of connection 
behaviour have also been gathered by Bijlaard et al(1987). Benterkia(1991) performed a 
data collection on the behaviour of end plate connections. Most of the available data of 
M ~ relationships are for connections to the flange of the column rather than to the web. 
Research centres have provide~ updated experimental information of semi-rigid joints in 
the form of data bases. 
Wilson & Moore(1917) first investigated the flexibility of riveted structural 
connections. Between 1929 and 1936, the Steel Structures Research Committee 
(1931)(1934)(1936) investigated several aspects of steel connections to establish a basis 
for analysis of steel structures. The work undertaken by the Committee formed the basis 
of the BS449(1969) provisions to incorporate the semi-rigid end restraint into the 
analysis of steel frames. From these investigations it was realized that economy was 
possible by reducing the moment and deflection at the centre of a beam. 
An enormous number of tests have been carried out on steel joints since then. The 
end plate connections are those which are the subject of this thesis. Thus, the studies on 
these types of connection are of most interest in this chapter. 
Three types of end plate connections are commonly used in practice. These are the 
following (shown in Fig. 2-1): 
1) Header plate connection. 
2) Flush end plate connection. 
3) Extended end plate connection. 
The header plate connection acts principally as a shear type connection to transfer 
only vertical shear, whilst the second and third, especially where used with column 
stiffeners, possess considerable moment resistance. Most of the following statements on 
the end plate connections have been made by Benterkia(1991) from which further details 
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can be obtained. He studied end plate steel connections bolted to the flange of the 
column. In this section, it is these types of joint that are referred to, unless otherwise 
stated. 
2-1-1-Header Plate Connection 
A summary of the tests conducted on header plate connections is given in Table 2-1. 
The end plate depth in these tests varies between 40% and 80% of the beam depth. The 
moment transmitted by these connections ranges from 5% to 25% of the yield moment of 
the beam. 
The behaviour of this type of connection consists of two distinct phases (Fig. 2-2). 
The transition between these phases occur when the bottom flange of the beam rotates 
sufficiently that it bears directly against the column face. Thus, their M ~ curves exhibit 
a sudden increase in stiffness following the initial non-linear response. 
Three models have been introduced by Sommer(1969), Ang & Morris(1984) and 
Kriviak & Kennedy(1984). The last model has been found to have considerable error in 
the working range of connections, while the other two provide a realistic representation 
of connection behaviour up to rotations about 2S rnrad for end plate thickness less than 
12mrn. 
2-1-2-Flush End Plate Connection 
The reported tests on flush end plate connections are summarized in Table 2-2. 
These connections transfer much greater amounts of moment, compared to header plates, 
depending particularly on the thickness of the connected plys of the joint. This moment is 
usually less than the resistance moment of the beam, unless a thick end plate and column 
web stiffeners are provided. Thus, they are generally considered as semi-rigid partial 
strength joints. Th~ir moment-rotation behaviour is continuously non-linear (Fig. 2-2). 
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Frye & Morris(1975), Johnson & Law(1981), Kukreti et al(1987) and recently 
Benterkia( 1991) have proposed prediction equations for end plate connections. Frye and 
Morris extended the work of Sommer( 1969). They have given the same equations for 
flush and extended end plate connections but they distinguish between stiffened and 
unstiffened columns. Their equations have been found inaccurate, hence suggestions 
have been made to improve them. These will be discussed later in Chapter 6. 
The prediction equation of Johnson and Law with stiffened column is based on the 
evaluation of the initial stiffness and the ultimate moment capacity of the connection. It 
consists of two straight lines which represent a rough approach to the M ~ curve. The 
prediction of the initial connection stiffness is unsatisfactory and inadequate for end plate 
thinner than or of the same thickness as the column flange. For failure modes other than 
yielding of the column flange, the predicted moment capacity is in considerable error. 
The model suggested by Kukreti et al is based on finite elements. From comparison 
with 8 tests, they reported a difference ranging from -5% to 20% between the predicted 
and the test values. The negative sign indicates lesser predicted value. 
The equation proposed by Benterkia is for an unstiffened column and has been 
claimed to be reasonably accurate for connections with end plate thickness greater than 
6mm and a beam depth between 250 and 400mm. 
In addition to the major axis tests tabulated in Table 2-2, a series of 22 tests have 
been carried out by Kim(1988) on flush end plate connections bolted to the column web. 
The main variables in his tests were the end plate thickness, the bolt numbers, the sizes of 
the beam and column. Kim has plotted the experimental M ~ data, but his model which is 
based on the yield line pattern in the column web cannot be used without fundamental 
changes. 
Celikag(1990) has also reported tests on major and minor axis flush end plate 
connections which were subsequently used in the column and frame tests reported by 
Gibbons(1990). 
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2-1-3-Extended End Plate Connection 
The available tests on extended end plate connections are tabulated in Table 2-3. It 
is seen that this type of connection has received the widest study. Most of the data is for 
end plates extended on the tension side only. Different degrees of moment transfer have 
been reported. The extended end plate connections possess generally more resistance and 
stiffness compared to similar flush end plate connections. However. they do not exhibit 
the rigid behaviour assumed in a conventional analysis. Their moment-rotation behaviour 
is non-linear over almost entire range of the loading. The initial part of their M -, curve 
. may be assumed linear up to about 50% of their moment resistance (Fig. 2-2). 
Frye & Morris(1975), Krishnamurthy et al(1979). Tarpy & Cardinal(1981) and 
more recently Vee & Melchers( 1986) have suggested prediction models for the 
behaviour of such connections. Tschemmemegg & Humer(1988) have recently used a 
mechanical model analysed by finite element method for extended end plate joints. The 
Frye & Morris model has been discussed earlier and will be considered in more detail 
later in Chapters 3 and 6. 
The model of Krishnamurthy et al is based on a finite element analysis. It has been 
given for very thick or stiffened column flanges and symmetrical end plate connections. 
Otherwise. the rotation contributions by the two halves of the connection must be 
calculated separately and added. The column flange behaviour is not included in their 
model and therefore is not suitable for unstiffened extended end plate connections. 
The Tarpy & Cardinal equation is for unstiffened connections. It has been generated 
from a finite element analysis based on a linear elastic model. This equation simulates the 
connection behaviour in a very stiff manner. They provided also an equation for the 
moment resistance of the joint which has been found to be considerably in error. 
The non-linear mathematical model of Vee and Melchers differentiates between 
stiffened and unstiffened columns. They only considered the configuration of four bolts 
around the tension flange. for which they reported a good agreement with the test data 
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from 16 specimens. Their equation has been critisized by Maquoi & J aspart( 1987) based 
on the arguement that the exponential term of the equation is dimensionless and therefore 
needs to include a term which is in load-length dimension (not the dimensionless 
parameter as presently exists) to give a value in moment units. 
In the model of Tschemmemegg and Humer the "connection means" which are the 
sources of "connection" behaviour are welds, the end plate, bolts and the column flange. 
The load-deformation response of these means should be superimposed to that of the 
"panel zone" which consists of the column web and the two flanges of the column. The 
result will be the overall behaviour of the "joint". Their investigation concentrated on the 
tension zone of the joint, the capacity of which can be adjusted to the compressive 
capacity of the panel zone. They have then developed tables for standardized 
connections. The author has not found an independent source justifying this approach. 
2-2-Methods of Prediction of Joint Behaviour 
A major review on the prediction methods of the behaviour of semi-rigid 
connections has been made by Nethercot & Zandonini(1989). The shape of the moment-
rotation curve of connections proposed by researchers are either linear or non-linear, 
based on the following models: 
a) Empirical curve fitting model; which is the gathering of data on moment-rotation 
curves of connections and employing curve fitting and regression techniques. 
b) Analytical model; which is developed in two phases, firstly assuming simplified 
models for the main parameters of the M .... curve, and secondly a curve fitting 
procedure to develop the full M -+ relationship. 
c) Mechanical model; which considers the deformation behaviour of the connection 
elements by employing the load-deformation characteristic of materials. 
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d) Finite element model; in which the connection components are divided into a 
number of elements with common boundary conditions at their interface and 
suitable material properties are used to find the elastic, elastic-plastic and the 
collapse behaviour of the connection. 
The expressions derived by investigators give different domains of connection 
stiffness which can be categori~ed as following (see Fig. 2-3): 
1) Initial stiffness; which is the initial tangent stiffness of the moment-rotation 
behaviour of the joint. 
2) Bilinear; which consists of two straight lines. The first line represents the secant 
stiffness of a point on the actual M .... curve of the connection about which the 
stiffness varies significantly. The second line is either horizontal to represent a 
plateau for the M .... curve, or has a small slope. 
3) Piece-wise linear; which is a mutilinear representation of connection behaviour 
consisting of several lines assumed to circumscribe the actual M.... curve of the 
joint. 
4) Non-linear; which is in the form of a curve which can result from mathematical 
curve fitting techniques, mechanical models or finite element methods. 
The work undertaken by research workers which resulted in the above types of 
representation will be summarized in this section. Furthermore, the investigations using 
mechanical and finite element models will be described. Finally, the moment-rotation 
characteristic adopted by EC3 will be given. 
2·2·1·Initial Stiffness 
The initial stiffness was mainly used in early studies on semi-rigid connections to 
derive a mathematical representation of the moment-rotation behaviour. Baker(1934), 
Rathburn( 1936) and later Lothers( 1951) expressed the initial stiffness in the linear form 
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of a tangent to the initial slope given by: 
z - -lr (2.1) 
where Z is the rotation of the joint for a unit value of moment. This expression may be 
used directly into the slope-deflection equations or the moment distribution method. An 
analytical procedure has been developed recently by Azizinamini & Radziminski( 1987) 
to predict the initial stiffness of cleated connections. 
Since the initial tangent to the M ~ curve does not account for the reduced stiffness 
of the joint at higher moments, it overestimates the connection stiffness generally and 
can only be acceptable at very low load levels. 
2-2-2-Bilinear 
Lionberger & Weaver(1969) and Romstad & Subramanian(1970) introduced a 
bilinear representation which recognized the loss of stiffness at higher rotations. The 
model of Johnson & Law(1981) was also bilinear. This type is a rough approximation of 
connection behaviour and is acceptable for certain types of connections (Nethercot & 
Zandonini(1989». It underestimates both the connection stiffness and resistanc,e because 
of being beneath the actual curve. 
Zandonini & Zanon(1988) proposed simplified bilinear and trilinear representations 
of the M~ curve. Such prediction methods, capable of handling only the key aspects of 
connection behaviour, are useful because they simplify design procedures. 
2-2-3-Piece-wise Linear 
Better approximations of the M -+ curve are obtained by increasing the number of 
linear portions in the multilinear representation of joint behaviour. A trilinear model has 
been presented by Moncarz & Gerstle(1981), and a quadrilinear model by Melchers & 
Kaur(l982). Poggi & Zandonini(l985) have suggested a multilinear approximation of 
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connection behaviour to be used in numerical analyses, but they give no formula for 
calculation of the piece-wise representation. 
This type of moment-rotation curve can be usefully employed in computer 
programs for analysis of semi-rigid frames. It can be treated by an analysis performed as 
a sequence of linear steps. 
2-2-4-Non-Linear 
Polynomial representations were suggested by Kennedy(l969) and Somrner(1969), 
thereby introducing the curved nature of the M -+ relationship. 
Non-linear M -+ relationships were obtained by curve fitting to experimental data. 
Frye & Morris(1975) used a standardized format to express rotation in terms of moment 
via several constants. The general relationship can be shown as: 
(2.2) 
where CI are constants and K is the standardization factor. This relationship will be 
discussed further in Chapter 3. 
Jones et al(1982) divided the experimental data into a number of subsets, each 
spanning a small range of moment. A Cubic B-Spline curve was then used to fit each and 
every subset of data. 
Ang & Morris(1984) used the Ramberg-Osgood(l943) function to model the non-
linear behaviour of connections, which modified the earlier proposals of Frye & 
Morris(l975). 
Yee & Melche~(l986) proposed an exponential model. Krishnamurthy et ale 1979) 
and Kukreti et al(1987) gave power models. Benterkia(l991) evaluated the existing 
prediction equations for end plate joints and proposed a power model for unstiffened 
flush end plate connections based on curve fitting of the available data. 
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2-2-S-Mechanical Models 
Wales & Rossow(l983) and Kennedy & Hafez(1984) developed mechanical models 
for header plate and web cleat connections respectively as shown in Figs. 2-4 and 2-5. 
The spring model was later extended by Chmielowiec & Richard(1987) to predict the 
behaviour of all types of cleated connections subjected to bending and shear (Fig. 2-6). 
Tschemmemegg(1988) represents welded and bolted joints by mechanical models 
as shown in Fig. 2-7. Springs A are meant to account for the load introduction effect 
from the beam to the column, while springs B simulate the shear flexibility of the column 
web panel. Springs C allow for the additional sources of deformation present in bolted 
connections. The spring characteristics are defined and the overall behaviour of the steel 
joint can be determined by superposition of the response of each group of springs. 
In general, mechanical models have been confirmed as an adequate and promising 
tool for the study of steel connections (Nethercot & Zandonini(1989». These models 
need the mechanical behaviour of materials and therefore their accuracy relies on the 
accuracy of the assumed material properties. The understanding of the individual and 
interactive behaviour of the connection components is necessary. Such behaviour is 
dependent on geometrical and mechanical parameters of the joints. 
2-2-6-Finite Element Models 
The first use of a finite element model was related to welded beam-to-column 
connections (Bose et al(1972», in which the column web was given particular attention 
as the critical component. The agreement with available experimental results encouraged 
researchers to use this method further. For instance Patel & Chen(1984) and Atamiaz 
Sibai & Frey( 1988) used this method for welded beam-to-column joints. 
The non-linear equations of Krishnamurthy et al(1979), Tarpy & Cardina1(1981) 
and Kukreti et a1(l987) mentioned in 2-1 were derived from finite element analysis of 
end plate connections. 
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Generally, finite element methods seem to be suitable for predicting the response of 
welded connections. but a direct analysis of bolted connections requires the ability to 
model the bolt action (Nethercot & Zandonini(1989)). 
2·2·7·Eurocode 3 
EC3 recommends that the determination of the design moment-rotation 
characteristics of beam-to-column connections be based on a theory which is supported 
by experimental evidence. Although the actual M -+ curve of connection is recognized by 
the code as non-linear, appropriate linearized approximations are also acceptable to EC3. 
The restriction is that the approximate behaviour lies wholly below the more precise 
characteristic (see Fig. 2-8). 
The determination of three main properties of connections are necessary. These are 
the moment resistance, the rotational stiffness and the rotation capacity. Bilinear and 
trilinear representations of connection behaviour are acceptable to EC3 with these 
defined properties. 
Annex J of BC3 gives a formula for the stiffness of end plate connections. The 
moment·rotation curve of the connection is proposed to be taken as linear up to two· 
thirds of the joint design moment resistance, while its curved shape up to the design 
moment resistance of the joint can also be approximated by a second straight line. The 
method assumes a plateau for the curve. i.e. increasing rotation at a constant moment. 
when the design moment resistance of the connection is reached. This method will be 
discussed further in Chapter 3. 
2.3-Semi.Rigid Analysis of Frames 
The analysis of frames with semi-rigid connections have been reviewed by Jones et 
al(1983) in a "state of the art" report. Anderson et al(1987) have later provided a 
reference to the design and analysis of steel frames with semi-rigid joints. A 
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comprehensive report has been published recently by ECCS(1992) which is concerned 
principally with the application of the existing knowledge of joint behaviour to the 
analysis and design of steel frames. 
The effect of semi-rigid connections on the structural members was taken into 
account by Baker( 1936) and Rathburn( 1936). They used Eqn. (2.1) to modify the slope-
deflection equations. They als.o modified the stiffness, carry-over factors and the fixed-
end moments in the moment distribution method. They assumed a linear moment-
rotation relationship which is only applicable for very low values of rotation and 
becomes increasingly inaccurate as the moment increases, unless corrected to a secant 
stiffness. 
The application of computers has permitted more refined and accurate 
representations of the joint to be included in analysis. The main methods based on the 
treatment of joint response (described in 2-2) are: 
a) Linear elastic analysis. 
b) Non-linear elastic analysis. 
c) Inelastic analysis. 
Elastic models ignore the possible occurance of joint unloading, while inelastic 
models include this effect. The second-order effects and material non-linearities may be 
accounted for in any of these analyses, but previous research mainly included these 
effects in (b) or (c). The stiffness value used is one of the following: 
1) the initial stiffness, 
2) the tangent stiffness at any point, 
3) the secant stiffness. 
The methods of analysis will be explained in the following sub-sections together 
with reference to relevant investigations carried out by researchers. An indication of the 
effect of semi-rigid joints on frame behaviour will be given by summarizing the results of 
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analysis of a frame which wi11later be used in Chapter 3. 
2-3-1-Linear Elastic Analysis 
This method can be considered as the most consistent with routine design practice. 
Rigid frame computer programs can be directly used by means of a ficticious beam 
model in which the stiffness of beam is reduced to allow for the connection flexibility. 
Alternatively, a spring model may be adopted with modifications in the slope-deflection 
equations. Due alterations must then be made in the stiffness matrix of a member and the 
overall stiffness matrix of the frame. The correction coefficients to be applied to the 
member stiffness are given in Fig. 2-9. 
The proper joint stiffness may be selected from one of those described in Chapter 1; 
i.e. initial, secant or tangent. A number of investigators including Monforton & 
Wu(1963), Goble(1963), Ughtfoot & Le Messurier(1974) incorporated the effects of 
cOlUlection deformations into a stiffness analysis computer program using the initial 
stiffness of the joints. The initial stiffness though can be assumed only when joint 
rotations are likely to be very small. Instead, a reduced joint stiffness (effectively a 
secant stiffness) introduced by Moncarz & Gerstle(1981) may be used which has recently 
been supported by J asp art & Maquoi( 1989). 
2-3-2-Non-Linear Elastic Analysis 
The non-linear assumption for moment-rotation behaviour becomes necessary 
where a closer approximation is required for design to limit states. The non-linear joint 
behaviour can be allowed for without a substantial additional burden compared to routine 
rigid frame design. 
A piece-wise linear or a curvilinear relation for the cOlUlection behaviour may be 
used with iterative procedures based on the secant stiffness appr,?ach. The secant stiffness 
approach, compared to initial and tangent stiffness approaches, has the advantage of 
- 46-
keeping the total error to a minimum at the limit states. 
Romstad & Subramanian(1970) analysed frames using variable tangent stiffness of 
the joints. This method uses the last obtained values of moments to find an appropriate 
tangent stiffness, and then iterates on the tangent stiffness until an acceptable tolerance is 
met. 
Frye & Morris(1975) presented an iterative analysis procedure for planar steel 
frames involving repeated cycles of linear analysis incorporating the non-linear 
connection effects. They used the polynomial equations they had proposed for different 
types of beam-to-column connections. 
Ang & Morris(1984) generalised the Frye & Morris(1975) procedure to analyse 
three dimensional steel frames. The P -~ effect was also included in their analyses. 
Moncarz & Gerstle(1981) developed a method of frame analysis which accounted 
for the non-linear connection behaviour and variable load histories. They examined a 
number of frames with the different types of construction defined by the AISC 
Manual( 1986). They found that the assumption of rigid joints was inadvisable due to the 
underestimation of sway deflections. 
When joint flexibility is incorporated into a matrix displacement method of analysis, 
the size of the stiffness matrix increases. In a technique proposed by Anderson & 
Lok(1983), the deformations of the joints were allowed for by revising the load vector at 
each iteration. Convergence problems were experienced in their program, so it was later 
modified by Benterkia( 1991) to use successive estimates of the secant stiffness of each 
connection to ease convergence. Both these programs were based on one for analysis of 
rigid frames written by Majid & Anderson(1968). 
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2-3-3-Inelastic Analysis 
Procedures for inelastic analysis of semi-rigid frames have been developed mostly 
in 1980' s. An accurate representation of the joint behaviour is generally incorporated into 
established methods for the elastic-plastic analysis of rigid frames. Because of the non-
linear behaviour of connections and the inelastic behaviour of materials, sophisticated 
numerical approaches are required using iterative procedures. These methods have not 
yet been commonly employed in design offices although some attempts have been made 
in this regard including the work by Edinger(1983). 
Ackroyd & Gerstle(1983) used the secant stiffnesses of joints, and both material and 
connection non-linearities in their analysis to find the ultimate strength of the frame 
under increasing load. 
Zandonini(1986) reported an investigation aimed at the stability of flexible frames. 
A numerical study was carried out on portal frames with different overall stiffnesses. 
Several modes of failure were recognised. Except for two frames, all collapsed by 
inelastic sidesway instability and not by the development of a full plastic collapse 
mechanism. It was concluded that the connection behaviour influences the frame 
response more significantly when partial strength connections are used compared to full 
strength connections. In this case, a high rotation capacity may be required. Full strength 
connection, if the additional cost is justified, reduces the need for connection ductility 
and provides an adequate frame performance. The accuracy of the M -+ curve was found 
to be of influence at SLS but not at ULS. 
Ohta(1988) employed one dimensional finite elements to represent the behaviour of 
semi-rigid connections in the analysis of steel frames. 
Zoetemeijer(1989) discussed the limitations of the different types of connection 
stiffness and described the effect of joint flexibility on second-order effects. He presented 
the effect of partial strength and semi-rigid connections on the forces and moments of 
both braced and unbraced frames. He used the beam line method to review simplifying 
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rules for the analysis of braced frames. 
Chen(1989) discussed the behaviour and modeling of semi-rigid joints. He refined 
the computer model he had proposd to examine the non-linear behaviour of frames. The 
effect of connection flexibility and the panel zone deformation on semi-rigid frames were 
also studied. 
Scholz(1990) applied an approximate elastic-plastic method of analysis to regular 
steel sway frames with semi-rigid connections. He defined a factor to enable the designer 
to find the slenderness ratios of the limiting frame which should be evaluated for each 
member and connection of the framework. The largest ratio is then carried into an 
equation, the result of which is used in a multicurve diagram of "frame curves". From 
this diagram the failure load can be found. This approach is extended to semi-rigid 
connections by using Eqn. (2.1). 
Poggi(1990) developed an elastic-plastic finite element beam model which 
incorporates joint flexibility. Elements consist of three parts: a central elastic-plastic 
beam, two rigid bars at ends and a set of non-linear springs of null length between each 
rigid bar and the beam. Joint behaviour was included by the action of these springs, one 
for each potential deformation; namely axial, shear and rotational. Linear presentation of 
force-deformation relationships were used in their program. This program was used at 
Sheffield University and good agreement was reported between analysis and 
experimental results (Davison et al(1988». 
Chikho & Kirby( 1989) examined the effect of joint flexibility on the lateral 
deflection of frames using Poggi's program. They used three types of connections 
ranging from rigid to semi-rigid. In rigid frames, the first plastic hinges formed at the 
columns' ends and collapse occurred when plastic hinges formed at the midspan of 
beams. In semi-rigid frames, the plastic hinges formed first at the midspan of the beams 
and collapse occurred when plastic hinges formed at the columns' ends. The effect of 
semi-rigid connections was found to be dependent on the following factors: the joint M-+ 
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curve, the stiffness of the frame's members, the applied horizontal and vertical loads, and 
whether the frame was sway or non-sway. 
Jaspart & Maquoi(1989) proposed a simple design method for sway frames with 
semi-rigid connections. They examined the ultimate load of frames with reference to 
Merchant-Rankine formula modified by Wood(1974). The p-~ effects were taken into 
account by means of this for:mula. They found that design of an unbraced frame is 
usually governed by check of sway at SLS and a braced frame by the checks on the 
resistance of individual components at ULS. They proposed replacing the actual M ~ 
curve of the joints by a ficticious stiffness less than the initial stiffness, to be used in the 
slope-deflection equations. The method to find this stiffness is still under investigation by 
the above researchers. They concluded that the Merchant-Rankine formula is accurate as 
long as the collapse mechanism is of the combined type, i.e. beam plus column panel 
mechanism; it is slightly conservative when a beam mechanism is governing; and is 
largely unsafe when a panel mechanism governs. 
Jaspart & Maquoi(l990) extended their study on the application of elastic and 
plastic analysis to braced semi-rigid frames. The plastic design was considered on a 
frame with stocky columns to allow for plastic hinge to form at the beam midspan. Good 
confirmation was achieved in comparison between the collapse load multipliers resulting 
from hand calculations and a numerical simulation. 
Kavianpour(1990) developed a program originally written by Majid & 
Anderson(1968) for elasto-plastic analysis of rigid frames. He made modifications in the 
stiffness matrix of the frame to include the rotational behaviour of the connections, based 
on their secant stiffness. He further developed this program to investigate the response of 
the structure to cyclic loading. The frames with semi-rigid connections were found to 
shakedown to their elastic state in the same manner as plastic hinges in rigidly connected 
frames. 
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Deierlein(1991) describes a method for modelling semi-rigid connections as an 
"average" curve of M -q, relationship. Zero-length rotational springs have been used to 
simulate the behaviour of major and minor axis connections. The existing M -q, curves 
have been calibrated by a normalization procedure and implemented in an inelastic 
program. This "average" curve was found to result in a sufficiently accurate overall 
response for the frame. 
Zandonini & Zanon(1991) analysed a steel beam with semi-rigid connections at its 
ends under both serviceabilty load Ws and ultimate load Wu. Its behaviour could be 
defined by the support moment M, the joint rotation q, and the midspan deflection I). 
Domains for M, q" I) and w have been worked out and drawn on the same coordinates. 
They defined the lower design boundary for the M -q, curve of the connection for both 
elastic and plastic analysis. A design system then was proposed for semi-rigid joints in 
non-sway frames. 
2-3-4-EtTect of Joint Behaviour on Response of Three Storey Frame 
In order to study the influence of joint flexibility quantatively, the frame shown in 
Fig. 2-1O(a) has been used by various researchers (including the author). It was analysed 
at various levels of accuracy, assuming that the joints are extended end plates with 
backing plates as shown in Fig. 2-lO(c), possessing the M-+ behaviour as in Fig. 2-1O(d). 
This type of joint would be traditionally classified as rigid. 
The frame was analysed semi-rigidly with both linear elastic and non-linear elastic 
joint behaviour. The linear behaviour was based on the initial stiffness. The frame was 
also analysed rigidly. The drift response of frame is shown in Fig. 2-10(b) where the 
horizontal deftection is plotted against the load multiplier. The limit of H/300 assumed as 
reference value for serviceability is also shown on the plot 
The following can be observed (ECCS(1992»: 
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1) The joint deformation influences the frame stiffness more than the ultimate load 
resistance. As a consequence, the semi-rigid frame still possesses a sufficient 
ultimate strength, but it does not meet the limit of H/300. 
2) The second-order geometrical effects are noticeably greater for the semi-continuous 
frame, even if joints are treated as linear elastic. 
3) The contribution of joint non-linearity to the frame drift becomes substantial for 
loads higher than the nominal loads (a. > 1.0). 
4) In the semi-rigid frame, the deterioration of the frame stiffness due to member 
yielding is immediate and important, leading to a rapid attainment of collapse. The 
influence of plasticity on the rigid frame's response is more gradual. 
The following conclusions can be drawn from this example: 
a) Joint flexibility must be evaluated in analysis of frames. 
b) A second-order analysis, which assumes elastic member behaviour but accounts for 
the non-linearity of joint behaviour, allows a sufficiently accurate prediction of both 
frame stiffness and strength (ECCS(1992». 
c) The assumption of linear joint behaviour may be suitable for checking the frame 
under working loads. 
2-4-Recent Studies on Columns Restrained by Semi-Rigid Connections 
For frames classified as non-sway. second-order effects due to sway may be 
neglected and first-order analysis performed. For sway frames, the effects of horizontal 
displacements must be accounted for. In order to design columns in sway frames, two 
approaches are identified. The first approach is to account for the beams by either 
assuming a greater length for the columns, or amplifying the end moments. The second 
approach is the "exact" analysis of column within the frame. 
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The column length taken in the first approach is termed the "effective length" of 
column. The effective length of a member is defined as that length of a pinned member 
which has the same buckling load as the member under consideration. For a column, it 
depends on the boundary conditions at the ends of its unbraced length. In a framed 
structure, the boundary conditions depend on the stiffness of the beams framed into the 
column through the connections. Therefore the effect of the stiffness of such connections 
is a significant factor in determination of the column stiffness. 
Idealized solutions for critical loads and effective lengths are shown in Fig. 2-11. 
. The conventional guides for determining the effective length of the columns concern the 
extreme cases where beams are rigidly connected or pinned to the columns. The same 
conditions are assumed at both ends. A more accurate design will result if the effects of 
the stiffness of both beams and connections are taken into account. 
The value taken as the effective length of the columns in the design of steel frames 
can significantly influence the cost of the structure. Bjorhovde(1984) reports that the 
effect of 10% reduction in the effective length factor k, obtained by stiffer connections, 
provides a saving in material up to 11 %. 
2-4-1-Indirect Design of Column 
When elastic global analysis is used for a sway frame, second-order effects may be 
included indirectly by first-order analysis of the frame compled with sway mode effective 
buckling lengths for the columns. The use of an effective length greater than the true 
length is an established method to allow for second-order sway effects in rigid jointed 
frames (see Fig. 2-11(e». For a semi-rigid frame, the reduction in the effective stiffness 
of a beam due to fiexibility of the joints are allowed for by a correction to the beam 
stiffness, which can be derived from the slope-defiection formulae. 
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2-4-2-Background to Columns in Semi-Rigid Frames 
A review on the column stability has been made by Anderson et a1(l987) in which 
the existing studies to that date have been described. 
De Falco & Marino(1966) developed a chart for determination of the relative 
stiffness of beams with semi-rigid connections to be used in determining the effective 
length of columns. Driscoll(1976) revised the chart and presented a general solution for 
the stiffness of beams with semi-rigid connections. He suggested a simplified solution 
using Eqn. (2.1). 
Sophisticated charts were developed by Wood(l974) which could deal with any 
local degree of end restraint both for sway and no-sway conditions. Modifications were 
also made for cladding stiffness. 
Jones et a1(1980) introduced a computer program for calculation of the strength of 
columns with semi-rigid end restraint in which initial lack of straightness. spread of yield 
through the cross section and residual stresses were taken into account The results of the 
analyses demonstrated the increase in column strength due to end restraint. 
Galambos(l982) suggested that the effective length of a column could be estimated 
from the stiffness of the minor axis beam-to-column connection. 
Bjorhovde(1984) conducted studies on the effect of end restraint on the column 
strength in sway-prevented frames. He used the initial stiffness of the connection and the 
beam stiffness to determine the stiffness of interior and exterior columns. Design 
recommendations have finally been made. 
Lui & Chen(1986) proposed relationships for the effective length ratio of the 
columns in terms of the connection stiffness. 
Nethercot et al(1987) and Rifai(1987) studied the behaviour of columns in semi-
rigid frames. They developed a non-linear finite element method in which the effect of 
semi-rigid joints was incorporated to the stiffness matrices of elements. They found that 
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even quite flexible joints raise the ultimate load for the column significantly above that of 
an equivalent pinned ended one. 
Davison(l987) conducted experimental and analytical studies on the semi-rigid 
steel connections and the behaviour of columns in steel frames. He tested subassemblage 
and full scale frame specimens. Compared to simple framing. enhanced column 
resistances were found due to.the restraint provided by the connections. During failure of 
the column. connections on either side rotated in the same direction causing unloading of 
one end and continued loading of the other. The unloading connection had the greater 
stiffness and hence restrained the column more than the adjacent. loading connection. 
Jones et al(1987) and Nethercot & Chen(1988) have further investigated the effects 
of the joint flexibility on the stiffness of columns. In the analytical part of their studies. 
variable end restraint and different column sections and orientation were used. In all 
these investigations the dominating effect of connection stiffness was emphasised and 
this effect was considered to be more significant where the slenderness of column 
increased. In particular, the slenderness factor found from the calculations for major axis 
non-sway situation of column. was less than those in the codes of practice. This would 
help the designers to achieve more economy in design. 
Nethercot(1991) synthesised the results of recent research on the behaviour of non-
sway steel frames with semi-rigid or partial strength joints into a set of design proposals. 
These cover the behaviour of major and minor axis joints as well as the biaxial behaviour 
of both internal and external columns. Two basic possibilities of such frames were 
considered: strong column, weak beam and weak column, strong beam. In the former 
semi-rigid connections act about the major axis while in the latter about the minor axis. 
Recommendation is made for a simple approach for problem of biaxial column buckling; 
namely, take the actual column length in design for major axis buckling; for minor axis 
buckling the suggestion of Galambos(1982) for column stiffness is to be used: 
(2.3) 
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Gibbons(1990) included the effect of column web flexibility into Eqn. (2.3) and 
proposed a relationship for the total restraint provided to the column. 
The EC3(1992) approach to the buckling length of a column is given in Appendix E 
of the code. The "distribution factors" are obtained from Fig. 2-12(a) and used in the 
relevant chart for the sway or non-sway mode to find the effective length ratio for the 
column. The chart for sway mode is given in Fig. 2-12(b). 
2-S-Conclusions 
In order to achieve economy in design. knowledge of the moment-rotation 
behaviour of the connections is required. Extensive experimental studies have been 
undertaken on this subject since the early decades of this century. The studies on end 
plate connections have been summarized in this chapter. 
The difficulty in conducting tests on each configuration of actual joints caused the 
researchers to derive prediction equations to simulate the behaviour of steel connections. 
The resulting representations are in various forms: linear, bilinear. multilinear and non-
linear. Such predictions have been based on one of the following models: 
a) Empirical curve fitting model. 
b) Analytical model. 
c) Mechanical model. 
d) Finite element model. 
The effect of semi-rigid connections on the frame response has been studied since 
1930's. With the development of computers, comprehensive analyses employing 
iteration techniques became possible. These include semi-rigid joints. which modify the 
stiffness matrix. The matrix stiffness method became a popular approach as different 
aspects of structural properties could be included in the frame analysis. 
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The serviceability and ultimate limit states of frames with semi-rigid connections 
have been examined. The M~ curve of connections influences the frame's drift at SLS, 
but the connections' moment resistance affects the frame response at ULS. The 
geometric and joint's non-linearities are more influential in the behaviour of semi-rigid 
frames compared to rigid frames. Hence, joint flexibility must be taken into account in 
analysis and design of structures. 
The restraint provided by semi-rigid joints to the columns has been investigated. 
The result was that the extreme assumptions of end restraint, namely rigid or pinned, do 
not reflect the actual column stiffness. A column in a semi-rigid frame possesses an 
effective length between those corresponding to rigid or pinned ends. 
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Table 2-1, Available experimental data/or header plate connections 
(after Benterkia(1991» 
Reference of Due Count ry of Number or Type or TeU type Co.entl on 
experimental data orl,ln telu hllener .... carvn 
S~r 1969 Canada 20 ,. A325 Cantilever .... curvet 
bolll 1Ylillbii for 
each tell 
Bennelll et al 197a Auuralla 2 11120 Or Propped .... curvu 
a.a bolu cantilever aVlllable for 
each lell 
Pha.l .. ansell 1982 Aullralia 7 .. 20 Or Propped Only ahear ••• 
'.8 bol II cantilever Ihetr deflection 
curvet provided 
Hafez 1982 Canadl • ,. A325 Cantilever .... curvet bolts .. II labia ror 
each lell 
Zandonlnl 1 Zanon 1986 IUly 3 .. 20 Or Cantilever .... curvn 
4.' bolll IVillable for 
and 1 ror each tesl 
.. 16 Or 
6.' boll 
I 
Maclnlyre 1988 C,nlda 3 ,In. A325 Cantilever M·. curvea 
bolu avallabll 
for each tesl 
- 58-
Table 2-2, Available experimental dataJorflush end plate connections 
(after Benterkia(l991)) 
lel.renc. of Oat. Country 0' NUllber 0' Type 0' Till Iype C.-nil on 
experl .. nlll dill orlllD te.u fluener M·. curv .. 
Ourlnd.r 1970 U.S.A. n un. It U.ned Cruc I 101'11 • In dta. Provided ror 
+ II U tlf.n.d 10ld In A325 bolU each leal 
colun 
%o.t ... IJer 1974 N.th.rland. 2 unUlflened Cantllev" .,20 I .,22 Provided ror 
010.9 bolu elch tell 
Zoet ... IJ.r 1974 Netberland. 4 unuillened Porul Ml2 Or Provided lor 
ha .. Or 10.9 each uu 
bolt I 
Zoel ... IJ.r.llolll.ln 1975 Nether land I • unit I Hen.d Cracl '0" Ml .. Or '.1 Provided 'or 
+ 4 Illll.ned 10ld In bolla IIch tell 
colun 
Zoete .. IJer 1911 Netherland. 23 unulff.n.d Clntll.v" Ml4 Or •.• Provld.d ror 
Bolla 6 tUII • 
7 lappll.d 
prlva .. ly 
Phillip. l Plck.r 19.1 Clnlda 5 ItU'en.d Canlllev.r f In dla. Provided ror 
A325 bolla each leal 
Bo •• 1911 U.l. I unlll rr.n.d Cruc I fol'1l .,20 Or 1.1 Provided ror 
10ld In bolla each teat 
colun 
Morrll IN ...... 1911 U.l. .. ItUrened Cruc"o" I In dla. Provided lor 
bo!U .ach .. II 
"In 1 Morrll 1911 U.l. 6 Itl Uen.d Cruel fo,. 1122 HSFO Onl, _nl· 
load In bolla d.rl.ctlon curVll 
col ..... . provided 
Toni 1985 U.l. 6 It trr.n.d Cruel fol'1l MlO Or •.• Provld.d ror 
load In bolla .Ich tut 
col_ 
Zendon I nil Zenon 1916 I'aly 3 unlllff.n.d Canillev., M20 Or .... Provided lor 
• 1116 .Ich leal 
Or 6.' 
bolla 
Davl.on 1917 U.l. I unu I H.ned Cruel 'or. MI6 Or ".6 Provided lor 
10141 In each teal 
bolca 
Prllcot 19., U.l. 6 Iltlf.ned Crue 1101'11 MlO Or •.• Provided ror 
10ld In each tCit 
colun 
OIlkrlblt I 1917 U.l. 2 unu I U.n.d Crue 1101'11 1116 Or •.• Provided ror 
lo.d In Bolt. each teat 
colun 
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Table 2-3, Available experimental datafor extended end plate connections 
(after Benterkia(l99l)) 
Iteterence of Du. Country of Nu.ber of Type of TUI Iype Ca-enll on 
elperl .. n,al dala orilin 11111 fUlener M·t cunu 
Johnlon et II 1960 U.I. I Illffened Cruelfor. f In In' Provided for elch 
bolll lell. 
Sherbourne 1961 U.I. I unlll Hened Cruel for. til In Provided for each 
4 IIlffened Irrbolll Ieli. 
)11M 1961 U.l. 5 unu Iffened Cruel for. I. I Provided for each 
III Hened 1 1.1/1 In In teu. 
HSfO bolll 
Bailey 1970 U.l. 3 unlliffened Cruel for. HSfO bolll Provided for each 
10 III Hened lut. 
ZoeteMljer 1974 Netherland 1 unlliffened 4 Clnillever M20 I M22 Provided for 4 
4 Portal Or 10.9 11111 only. 
. frlllle bolll 
Packer 1977 U.It. 4 ull I Hened Crucl for. Mil HSFO Provided for each 
I III Uened load In bolll tell. 
colullft 
10aMIdei 1971 U.S.A. 6 unlliffened Crucl for. I. f 1 I In Provided for each 
A325 bolll tell. 
Dew, 1979 U.S.A. 3 unilif fened Cruclfor. • 1 I In Provided for each 
A32' bolll 1111 
Grundy el II 1980 AU'lrllla 2 unlll Hened Cruel fo,. f Irr bolll Provided for each 
load In tell. 
col Ullft 
John.lone • 'alpole 1981 New Zealand 8 unlll Uened . 10130 1 M24 Provided for each 
Or. 8.8 lUI. 
bolll 
Tarpy I Cardinal 1981 U.S.A. 14 unul (fened Cruel fo,. I. I I Provided for 4 
2 IIlffened 10ld In I In IClII. 
co I UIIft A325 bolll 
0,.11 .. 1981 U.It. 21 unlll Ifened Cruclfor. 10116 HSfO Provided for Clch 
load In bolll lUI. 
co I liliii'i 
Moore 1 SI •• 1983 U.It. Z unul tlened Cruel for. 10116 Or 1.1 Provided for Iwo 
Z IIlffened boIlS only. 
locle_iejer I Munier 198-4 Netherland 4 unul Uened Cruclfor. 10120 Or 8.8 Provided for each 
bolll lest. 
Toni 1915 U.It. I unu Ufened Cruciform 10120 Or 8.8 Provided for each 
II unlll trened boilS lCiI. 
landonini I lanon 1986 Italy 10 Illffencd Clnilleve r 10120 Or B.8 Provided for each 
hoi .. lUI, 
Prllcol I 19.7 U.It. • 1\ I He ned Crucl for • 10120 Or '.11 Provided ror eaell 
bolll IClI. 
Dullon 1917 U.It. 4 1\ I Hcned Cruclfor. Mill Or 11." Provided ror CDch 
load In 1 HSRJ lClI. 
colullft 
Chlkrabarll 19.7 U.It. I unu I Ifened Cruciform MI6 Or •.• Provided ror each 
bolll lClI. 
Janll .. al 1917 BelllUM 6 unlliffened Canlilever Orade 10.9 Provided for eaell 
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Fig. 2-4, T-stub model used in analysis of header plate connections 
(Kennedy & Hafez(l984)) 
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(a) Actual connection (b) Model (Undeformedl Ic) Model (Deformed) 
Fig. 2-5, Mechanical model of web cleat connections 
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Fig. 2-10, Influence o/jointflexibility on the response o/an unbracedframe 
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STUDIES ON UNBRACED STEEL FRAMES 
WITH SEMI·RIGID CONNECTIONS 
This chapter deals with different aspects of connection flexibility, in particular, its 
effect on sidesway in unbraced steel frames at serviceability, and on the collapse load at 
the ultimate state. 
The Eurocode 3 classification of connections is first examined by analysing a 
number of frames with semi-rigid connections whose behaviour is that of the boundary 
between rigid and semi-rigid as defined in EC3. The sway responses of these frames are 
determined and compared with those obtained from frames with extended end plate 
connections. 
The polynomial moment-rotation curve for end plate connections proposed by Frye 
& Morris(1975) is used in the analysis of a number of frames. The resulting sways are 
compared with those obtained by using the EC3 formula for prediction of connection 
stiffness. 
The "wind-moment" or "wind-connection" method is used to design two basic 
frames. They are analysed under variable wind loads assuming that the frames are first 
rigid and then semi-rigid with the connection behaviour given by Frye & Morris formula. 
The resulting horizontal deftections are compared and the effect of variation in wind load 
is indicated. 
To choose the most convenient procedure in design, it is helpful to know at an early 
stage whether the "ultimate strength" or the "serviceability limit" dominates. Thus, a 
quick estimation of horizontal deftections is needed. The "desk method" for estimating 
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the sway response of frames proposed first by Wood(1974) is examined. Semi-rigid 
joints are included in the method, which is then applied to several frames with extended 
end plate connections. The results are studied to check the accuracy of the method. 
In the preceding studies, to be reported in this chapter, the frames were considered 
in the serviceability state. In the last section of this chapter, the ultimate state of frames 
is investigated. The P -~ effects which may be less influential in serviceability, may 
become a significant factor at the ultimate state. Furthermore, elastic analysis cannot be 
applied when the formation of plastic hinges is considered. A second-order elastic-plastic 
computer program is then used to analyse a basic frame with full and partial strength 
connections. The influence of semi-rigid connections on the internal moments of frame at 
collapse is investigated for these two types of connection. 
3-1-Study on EC3 Classification of Connections 
The classification of connections explained in Chapter I has been adopted by 
EC3(1992). In this code, the beam-to-column connections are classified by strength or by 
rigidity. The classification by strength divides the connections into nominally pinned, 
full-strength and partial strength with respect to the design moment resistance of the 
beam. The classification by rigidity differentiates between three types of connections; 
namely nominally pinned, rigid and semi-rigid. 
The limiting behaviour for a nominally rigid beam-to-column connection is 
represented by a trl-linear moment-rotation characteristic, defining the moment resistance 
and the rotational stiffness. The BC3 classification boundaries for beam-to-column 
connections in braced and unbraced frames are shown in Fig. 3-1. 
If the moment-rotation characteristic of a beam-to-column connection lies above the 
solid line on the appropriate diagram in Fig. 3-1, it will be considered as rigid; similarly, 
if it lies below the line, it is defined as semi-rigid. 
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A verification seemed to be needed for this definition. It appears of particular 
importance when the sway limitation for design of unbraced frames is considered. It has 
been reported in Chapter 2 that semi-rigid connections increase significantly the sway 
deflections in such frames due to the overall flexibility given to the frame. Consequently. 
connections with a moment-rotation characteristic coincident with the boundary line in 
the EC3 definition. will increase the sway deflection when compared to the similar fully-
rigid frame. This additional sway will be neglected in design as the connections can be 
treated as rigid. 
The investigation was carried out by designing several fixed-based frames with 
different geometries. "Exact" analysis then was undertaken to determine the increase of 
sway due to the flexibility of nominally rigid connections. The moment-rotation 
characteristic was taken as the initial stiffness given by the boundary line in Fig. 3-1(a). 
Two computer programs were used for design and analysis. 
3-1-1-Design of Frames 
The "wind-connection" method was used to design the frames. This approach has 
been described in Chapter 1. 
A program for design using British sections and end plate connections has been 
written by Reading(1989). In this program. the geometry of the plane frame. the type of 
connections. the grades of steel for members and connections. the wind speed and the 
vertical loads are given as input data. The program calculates the wind loads for each 
storey and combines them with gravity loads in accordance with BS5950:Pt 1. The 
program generates the required joints, and the beam and column sections. 
All the frames were designed by applying wind loads in the plane of the frame. 
bending columns about their strong axes. The wind speed was taken as 45 mls and 
typical gravity loads for office accommodation were assumed. 
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3-1-2-Analysis of Frames 
The analysis was undertaken by the use of an elastic semi-rigid analysis program 
developed by Benterkia(1991). It was used to obtain the exact forces and moments in the 
members and displacements at the joints. The second-order effects were taken into 
account, but usually the P -£1 effect would be significant only at failure. So this effect 
was unlikely to affect appreciably the results at serviceability. The analysis described is 
known as "rigorous analysis". In this program the following input data is given: The 
section area and the second moment of area for each member, the geometry of frame, the 
applied loads and the moment-rotation characteristics of the semi-rigid joints. From the 
input data the program forms the compact stiffness matrix and gives the joints 
displacements and rotations, and members' forces and moments. 
For comparison between the horizontal displacements, only the unfactored wind 
loads were applied. Initially, it was assumed that the connections were rigid and the 
analysis was carried out to obtain the displacements. Then it was assumed that the 
connections' were semi-rigid with the connection stiffness at the limit given in EC3 for 
classification as rigid. The relationship: 
was used which gives the relevant stiffness relationship as: 
where C is the connection stiffness, 
E is the modulus of elasticity assumed as 20500 kN /cm 2, 
Ib is the beam second moment of area, and 
Lb is the length of the beam. 
(3.1) 
(3.2) 
The use of the initial linear part of limiting stiffness for rigid connections would 
seem reasonable at serviceability limit state particularly if the attention be paid to the 
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procedure of loading and unloading the connection. Even if the connection had 
previously been loaded to a moment level m greater than 0.67, e.g. by the action of 
excessive gravity loads, moment reversal would take place along a linear path, of slope 
similar to the initial stiffness of the loading curve. Thereafter, the connection response to 
load variations at the working level will proceed elastically. Furthermore, previous 
investigations (Moncarz & Gerstle(1981) have shown that, the assumption of linear 
connection behaviour leads to elastic design moments which are very close to the more 
exact values based on non-linear connection behaviour. This simplification appears 
conservatively acceptable if the linearization lies inside the nonlinear curve instead of 
being externally tangent to the curve (see Fig. 3-2). The former is suggested by EC3 as 
the secant stiffness C in bi-linear and tri-linear moment-rotation presentation. 
Initially, two frames as shown in Fig. 3-3 were investigated. Comparison of the 
results provided an indication of the sensitivity of side-sway to joint stiffness and to the 
geometry of frame. The recorded increase of sway in Fig. 3·3 is that due to the flexibility 
of nominally rigid connections compared to connections taken as fully rigid. The 
horizontal deflection at the top of the structure has been compared to find the percentage 
increase of sway. 
At the next stage. a number of frames with different dimensions, as shown in Table 
3·1, were studied in order to investigate the effect of different parameters on the increase 
of sway due to semi-rigid behaviour of nominally rigid connections. 
3-1-3-Parametric Study 
The following parameters influenced appreciably the magnitude of sway increase: 
a) overall height to width ratio for the frame, 
b) sizes of beam section, 
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c) sizes of column section, 
d) grades of steel. 
Each of these is explained in detail in the following sub-sections. 
3·1·3·1·0verall Height to Width Ratio for the Frame 
Reference to Table 3-1 'shows generally a significant increase in sway when the 
configuration of the structure varies from 2 storey,4 bay to 8 storey,l bay. The structural 
steel has been assumed as Grade 50. The height increase has two different influences, 
increasing both wind loads and slenderness. 
By comparing the 6 storey,2 bay frame with the 6 storey, 1 bay structure, it is seen 
that less increase occurs in the former. This is because two beams are available to restrain 
three columns, compared with only one beam restraining two columns in the single bay 
frame. The total beam stiffness relative to the total column stiffness is therefore less in 
the single bay frame. Hence the beam stiffness is of a more significant effect to the 
response of the single storey structure. It follows that an effective reduction in this 
stiffness due to connection flexibility is more noticeable in a single storey frame. 
A similar effect is observed in the 8 storey frames, as the bay width increases. 
Again, the beam effect becomes more significant as its flexibility increases due to the 
longer span. Further reduction in the beam stiffness due to connection flexibility becomes 
more noticeable in the wider frames. 
Considering the influence of number of storeys, two factors need to be considered: 
1) The overall sway of a frame with few storeys is more influenced by the base fixity, 
which remained fully rigid in the comparisons. 
2) The general tendency is for the total beam stiffness to reduce, relative to that of the 
columns, as the number of storeys increases. This is because the column sections 
are strongly influenced by the wind moments, whose maximum magnitude increases 
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with the number of storeys. Once more therefore, the beams and the reduction in 
the beams' stiffness due to connection flexibility become more influential in the 
frames of more storeys. 
3-1-3-2-Sizes of Beam Section 
Reference should be made to Fig. 3-1, which defines the limiting moment-rotation 
characteristics of beam-to-column connections. Since the use of Eqns. (3.1) and (3.2) 
directly relates the characteristic of a connection to the beam stiffness, the sway will be 
significantly affected by the section size of the beam. 
Researchers including Ackroyd(1987) have investigated the wind-connection 
method. This method is believed to overestimate the beams, since they are assumed 
simply supported, and to underestimate the columns. Gerstle(1985) had pointed out that 
for the frames with more stiffness, that overestimation is more significant than this 
underestimation, specially for interior columns. Regarding this fact, the minimum 
possible beam sections were assigned by implying negative moments at restraints and 
checking the deflection limit in accordance with Cl. 2.5 of BS5950:Pt 1. The results are 
summarized in Table 3-2. 
The reason for the changes in increase of sway shown in Table 3-2 is the same as 
that given in 3-1-3-1. By reducing the beam sections, the side-sway increases. Reduction 
in the effective stiffness of the beams due to connection ftexibility is more noticeable 
when the beam sections are of smaller size. 
3·1·3·3·Sizes of Column Section 
It is common in design of steel structures to adopt the same size of columns for each 
rise of two storeys or more, because of the fabrication cost. In Table 3-1, the frames 
maintain the size of column section over at least two storeys. If the exact calculated sizes 
for column sections are used, i.e. less stiff columns, a significant reduction occurs in the 
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sway increase. For instance the result is given for an 8storey,lbay frame in Table 3-3. 
This is because the less stiff columns have a more significant effect on the sway 
deflection, relative to the effect of the connections. 
3-1-3-4-Grades of Steel 
All the connections were assumed to be extended end plates of Grade 43 steel with 
an unstiffened column flange and web. None of the details of the connections was 
changed in the comparisons. 
The grade of steel of beams and columns has been changed by assuming in tum 
grades 43 , 50 and 55. The results for two types of frames with different overall 
stiffnesses are given in Table 3-4. Generally, using a low grade of steel would result in 
less increase in sway, because of the greater stiffness given to the beams. To compute the 
effect of changing to a higher grade of steel, Grade 55 was specified for 8storey, 1 bay 
frame; it is recognized though that this would not be used in practice. 
3·1·4·Conclusion 
Extended end plates bolted to the stiffened columns had been found to cause 
increases of sway in the range of 25-50% as reported by Anderson et al(I991). This is 
compared with a maximum of 15% obtained by using the EC3 boundary for rigid 
connections in the frames reported here. Thus, the EC3 definition for rigid joints in 
unbraced frames exceeds the rigidity of stiffened extended end plate which is recognized 
as a very stiff connection. Only the moment-rotation curves of T -stubs and fully welded 
connections would lie in the rigid region of EC3 classification (see Fig. 2-2). However 
these joints are not in common use in the building industry. Thus, all commonly used 
connections may be classified as semi-rigid according to EC3, if used in unbraced 
frames. 
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Having considered the degree of stiffness of the boundary line in the EC3 
classification of connections, it can be used as an upper limit to the connection rigidity. 
Therefore, any result from the sway analysis of frames with this stiffness can be 
considered as the lower limit to the sway deflection. In the other words, the sway 
limitation in the current codes of practice may be modified if the effect of such a stiff 
connection on the sway of frames is recognised. 
In BS5950 and in ECCS Recommendations(l978), the serviceability limitation of 
horizontal deflection in each storey is given as the ratio "height/300". This author argues 
that this recommendation is conservative if a semi-rigid analysis is made of a frame. As 
it was shown in Table 3-1, an increase of about ten percent in side-sway is found for 
frames with nominally rigid connections if a semi-rigid analysis is made. This increase 
will be ignored if a rigid analysis is permitted. Accordingly, an allowable sway ratio of 
1/270 for unbraced medium rise frames is more realistic. In EC3, the overall limit is 
1/500. For the same reason this should be relaxed to 1/450 for semi-rigid analysis. 
3-2-Study on Sway of Frames with Semi-Rigid Connections 
To calculate the sway deflections of semi-rigid frames, the actual M -~ relationships 
of the connections are required. As described in Chapter 2, several prediction equations 
have been derived by researchers. The author used equations due to Frye & Morris( 197 S) 
and also the method given by EC3. An evaluation of the former and a comparison 
between the two methods is then possible. 
These two methods are employed in the sway calculation of three basic frames. The 
effect of semi-rigid connections on the sidesway of these frames is considered. 
Comparison is made between the results using the above methods. A criteria for design at 
serviceability limit state is proposed, based on the results of the analyses. 
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3-2-1-Frye & Morris Relationship 
Practical prediction equations for moment-rotation characteristics of connections 
were developed by Frye and Morris in 1975. The following assumptions were made in 
their study: 
a) The effects of shear and axial load on the connection's deformations may be 
ignored. 
b) The members connected at the semi-rigid joint are prismatic and straight. 
c) Possible buckling of individual members or portions of the structure is ignored. 
d) The material of components is linearly elastic and the effects of strain hardening is 
neglected. 
In order to incorporate the moment-rotation relationship into a structural analysis 
program, a standardization procedure was carried out by Frye and Morris on the available 
experimental data. The general form of the M -+ relationship was then suggested (for 
seven types of connections) as: 
(3.3) 
where CI are constants found by curve fitting, and 
K is the standardization factor found by consideration of a family of experi-
mental M -+ curves. K depends on the main geometrical parameters of the 
particular connection under consideration and is assumed to have the form: 
K - tJPjaj (3.4) 
where Pj= the numerical value of ph size parameter, 
aj= dimensionless exponent which indicates the effect of ph size parameter 
on the moment-rotation relationship, and 
m= total number of size parameters. 
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3-2-1-1-End Plate Connection 
The proposed formula for an end plate connection with column stiffeners is given 
by the above researchers as: 
(3.5) 
where K -d-2.4r.Q·6 based on experimental research by Ostrander( 1970) and 
Sherboume(1961). 
A similar formula for an end-plate connection without column stiffeners is given 
based on test results obtained by Johnston et al(1960), Ostrander and Sherbourne: 
(3.6) 
where K -d-2.4t...()·4t -1.5, and: d is the distance between two extreme end rows of bolts, 
t is the end-plate thickness, 
t is the column Hange thickness. 
In the above equations M is in kips; • in radians; d , t and f are in inches. No 
distinction is made between a joint using ftush end plate and one with an extended end 
plate. 
3-2-1-2-Modified Relationships 
The above relationships have been recently converted to metric units by 
Benterkia(1991) and the following formulae have been given. For an end plate 
connection with stiffeners: 
• - 1. 79( 1.4S0KM) 1 0-3+ 1.7 6( 1.4S0KM )31 ()-4+2.04( 1.4S0KM )5 1 ()-4 (3.7) 
where K-d-2.4r(J·6. 
For an end plate connection without stiffeners: 
• - 1.83(4.873KM )l0-3-1.04(4.873KM )31()-4+6.38(4.873KM)5 lQ-6 (3.8) 
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where K -d-2.4t..(J·4f-l.s• In these equations M is in kNcm, • in radians; d, t and f in cm. 
Furthermore, a suggestion has been made by Goverdhan( 1984) that d be taken as 
the depth of the beam instead of the distance between the extreme bolt rows. Recently, 
Benterkia modified the power of d in the above equations from -2.4 to -2.6. He then 
reported a better approximation in comparison with the available test data, assuming d as 
the beam depth. He proposed that for extended end plate joints, the formula for an 
unstiffened connection is the most accurate among the available methods, and that for a 
stiffened connection is reasonably accurate, if the above modifications are made, but 
suggested that the Frye & Morris formulae should not be used at all for flush end plate 
connections. 
In the analyses by the author, Eqn. (3.8) has been used. The value of d has been 
taken as the beam depth plus the distance from the centre of the bolt in the extended part 
of end plate to the top of the top beam flange. This is closer to the original Frye & Morris 
assumption. Frye and Morris had assumed that the end plate is extended both in tension 
and compression zone, while the author has assumed that the end plate is extended only 
in the tension zone. 
3-2-2-Eurocode 3 Relationship 
In Annex J of Ee3, the moment-rotation characteristic of a connection is 
determined by the moment resistance and the rotational stiffness. The rotational stiffness 
of a bolted end plate beam-to-column connection is approximated by: 
(3.9) 
where 
C is the secant stiffness with respect to a particular moment M in the connection (less 
than the design moment resistance of the connection), 
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E is the Young's Modulus, 
hl is the distance from first row of bolts below tension flange of the beam to the centre 
of reaction of compression zone, 
JlI is the modification factor for component i, 
kj is the stiffness factor for component i, 
PI is the force in component i of the connection due to the moment M, but not less than 
t of its design resistance force. 
3-2-2-1-The Stiffness Factor 
The stiffness factor for each component is specified separately, and for an 
unstiffened connection should be taken as follows: 
Column web, shear zone kl - 0.24 
Column web, tension zone k2 - 0.80 
Column web, compression zone k3 - 0.80 
Column flange , tension zone k4 - 4~i~ 
Bolts ~ tension zone k 2AJ '5 - Ibt~ 
End-plate , tension zone 1
3 
k6 - 12}.2~2twc 
where tIc is the column flange thickness, 
t~ is the column web thickness, 
tt is the end-plate thickness, 
AJ is the 'cross section area of each bolt, 
m, Ib and "'2 are defined in Fig. 3-4. 
t 3 
but ~4mit~ 
For any stiffened component, the relevant stiffness factor should be taken as infinity 
except where the column has a stiffener in the tension zone. In that case: 
3-2-2-2-The Modification Factor 
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but ~~4 te 
mtwc 
The modification factor ~I for ;=1,2,3 should be taken as I, and for ;=4,5,6 
obtained from: 
where FI.Rd is the force in the first row of bolts below the tension ftange of the beam, 
due to the moment MRd. 
MRd is the design moment resistance of the connection. 
In the case of an extended end plate connection, the stiffness provided by the 
extended part of end plate should be taken into account The correspondent connection 
stiffness C is the larger value of the two calculated stiffnesses, one based on the extended 
part and the other by omitting it. For the extended part, h 1 should be replaced by he which 
is the distance from the bolt row in the extended part to the centre of reaction of the 
compression zone. The stiffness factor k6 should then be taken as: 
where mx is defined in Fig. 3-4. 
3-2-3-Comparison of Sways Using Two Groups of Formulae 
In order to compare the sways obtained by the use of the two different prediction 
equations, namely EC3 and Frye & Morris, three basic frames with different overall 
stiffness were examined: 
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a) Eight storey, two bay. 
b) Six storey, two bay. 
c) Four storey, two bay. 
Extended end plate connections without stiffeners were used and the frames had 
practical dimensions. They were designed by the "wind-moment" method in conjunction 
with BS5950:Pt 1. The latter permits Dead+O.8(Imposed+Wind) to be taken as the 
combined loading in which the maximum wind load and minimum gravity loads were 
used. This combination of loading gives more sway deflections than minimum wind and 
maximum vertical loads (Reading(1989». Further infonnation about the geometry and 
the loading of frames can be obtained from Fig. 3-5. 
3-2-3-1-Moment-Rotation Data 
The moment-rotation characteristics of the connections were obtained by means of 
two computer programs. The design program written by Reading(1989) provides 
stiffness-rotation data according to the EC3 formula, in the form of a multilinear 
representation as shown in Fig. 3-6. 
A program was written by the author to provide moment-rotation (or stiffness-
rotation) data in accordance with the Frye & Morris relationships. The values of the three 
variables, i.e. beam depth, end-plate thickness and column flange thickness are tabulated 
for the basic frames in Table 3-5. 
3-2-3-2-Results 
The frames were analysed by means of an elastic-plastic computer program 
deyeloped by Kavianpour(1990) that could deal with both rigid and semi-rigid 
connections. The sway deflections which resulted from the EC3 method and the Frye & 
Morris equations are compared in Table 3-6 together with those from rigid analysis. 
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It can be seen from Table 3-6 that the Frye & Morris prediction equation causes an 
increase of sway deflections in semi-rigid frames from 30% to 53% over rigid frames, 
while Ee3 equation results in much greater sways ranging from 122% to 156%. The 
difference between these two groups of results appears to be less when the frames change 
from low-rise to medium-rise. 
3-2-4-Comparison Between Frye & Morris and EC3 Equations 
Frye and Morris have included three parameters as the principal components of end 
plate connections. In reality, the connection behaviour is affected by several more 
parameters including the strength of individual components and the behaviour of 
fasteners. The Ee3 formula includes more parameters, for example the effects of the 
column web in shear, tension and compression have been included in the Ee3 
relationship, all of which may playa significant role in the connection behaviour. As the 
effect of the web in shear is not taken into account by Frye and Morris, no difference is 
envisaged between connections to internal and external columns. Furthermore, the bolts 
in tension are believed to affect the joint stiffness and limit the rotational capacity, and 
therefore are necessary in the formula. 
It may not be feasible to include all parameters into a prediction equation for use in 
a design office or in an analysis program. For instance, the effect of bolt preloading or 
lack of fit cannot yet be taken into account in such approaches. However, it is essential to 
include at least the more influential connection components in the prediction equations. 
The Frye & Morris formulae have the advantage of being easy to use due to the limited 
dimensional parameters. It is also easy to be programmed in any computer analysis. 
Fig. 3-7 shows the moment-rotation characteristics of ten typical joints in the 
6storey,2bay frame using the Frye & Morris equation for extended end-plate connections 
without column stiffeners. The curves are nondimensional; the resistances of connections 
have been non-dimensionalized with respect to two-thirds of the beam's plastic moment 
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resistance. The rotations are divided by the amount of rotation at two-thirds of the 
beam's plastic moment resistance. In some of the curves, the stiffness is seen to have 
increased in the range of medium moment. Experimental results show consistantly 
deteriorating stiffness due to increase in moment. Ang & Morris( 1984) have also found 
that the equations sometimes give an increasing stiffness. They have suggested an 
exponential function to replace the polynomial. It then has the advantage of always 
yielding a slope which corresponds to the observed behaviour. 
The EC3 prediction equation for the joint stiffness has been discussed by 
Moore(1989). He made comparison between experimental results and the moment-
rotation curves produced by EC3 and concluded that this method gives a safe design 
moment but overestimates the flexibility of those joints which fail in a ductile manner. 
He has then suggested that the calculated M -~ curve should only be used to predict the 
beam and column displacements at serviceability. 
A number of prediction equations, including that of EC3, assume a plateau for the 
moment-rotation curve of the connection. The Frye & Morris equation results in a curve 
with decreasing slope at the higher moments but without a plateau. This is similar to the 
experimental results where ductile failure occurs. The moment-rotation curves of three 
typical connections of the 6storey,2bay frame are plotted in Fig. 3-8, to compare the Frye 
& Morris and EC3 methods. It is seen that the initial stiffness of the former is less than 
the latter, while the ultimate moment of the latter is less than the former. 
As described in 3-2-3-2, the sways resulted from EC3 are more than those from 
Frye & Morris formula. To explain the cause, reference should be made to Fig. 3-9. The 
connection moments resulted from the elastic-plastic analysis using EC3 have reached 
the ultimate resistance moment. Therefore, the stiffnesses used in the analysis correspond 
to points along the plateau. On the other hand, the moments of the similar joints 
represented by the Frye & Morris equation are much higher, and therefore correspond to 
a secant stiffness which is greater than that of EC3. The greater stiffnesses then result in 
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less sway. 
3-2-S-A Criterion for Serviceability Limit State 
The above analyses show that sway deflections in semi-rigid frames designed by the 
wind-moment method are significantly larger than those calculated assuming rigid joints. 
The significance of sway deflections of unbraced frames has been found to be strongly 
int1uenced by the ratio of gravity load to wind load (Moy(1974) and Reading(1989». 
Even though the design of some frames may be governed by strength, for others 
serviceability governs the design. The frames designed in the past by the wind-moment 
method according to existing serviceability limits do not exhibit distress in practice. 
Based on these statements, a criterion for frames designed with the wind-moment method 
can be obtained. 
As shown in Table 3-6, the increase in sway was dependent on the moment-rotation 
relationship being used, and the deflection would be greater if the M -+ relationship was 
presented by the multilinear approximation of Be3 compared to the polynomial 
presentation of Frye and Morris. Based on discussions made in 3-2-4, the Frye & Morris 
formula for stiffened extended end plate connection was used in the following analyses, 
as it conforms more closely to the experimental behaviour of connections. 
Two frames (4storey,2bay and 4storey,4bay) were designed by wind-moment 
method subjected to the following loading: 
Roof: Dead load = 3.75 kNlm 2 
Imposed load = 1.50 kN 1m2 
Floors: Dead load = 4.50 kN 1m 2 
Imposed load = 6.00 kNlm 2 
The frames were assumed to be at 6.0 m. centres longitudinally. Wind speed was 
taken as 45m/s and the load combination according to BS5950:Pt 1 for SLS, i.e. 
Dead+O.8(Imposed+Wind). The frames were assumed rigid and first-order analysis was 
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undertaken. Then a semi-rigid analysis using the Frye & Morris representation for 
extended end-plate connections was carried out for each frame. The configuration of the 
frames and the results obtained are shown in Fig. 3-10. An increase of 42% for the 
4storey,2bay frame and an increase of 37% for the 4storey,4bay frame were obtained. 
To investigate the effect of variation in the wind load, a separate study was carried 
out for the 4storey,2bay frame subjected to wind loads due to various wind speeds from 
38 to 52m/s. For semi-rigid analysis, the same representation of joint behaviour was 
used, namely the Frye & Morris equation. The results of rigid and semi-rigid analyses 
are given in Table 3-7. It can be seen that the increase of sway is limited between 42 and 
44%. This implies that the effect of connection flexibility on sway is much more 
significant than the wind loading. 
From the above investigations and those reported by Reading( 1989) and 
Kavianpour(1990) the following can be concluded for semi-rigid deftections at SLS. If 
the common limit of sway, i.e. 1/300 of the height, is currently accepted, then the 
calculated rigid deflections of frames designed by the wind-moment method can be 
increased by 50% to allow approximately for the effect of connection ftexibility. On the 
other hand, when a rigidly designed frame is analysed as semi-rigid, the conventional 
limitation of sway can be relaxed. As far as is known, structures incorporating semi-rigid 
frames designed by the wind-moment method and analysed for sway as rigid structures, 
have performed satisfactorily in practice. An increase of sway in the range of 25 • 60% 
has been reported here and elsewhere (Ackroyd & Gerstle(1982) and Reading(1989)) for 
frames designed by the wind-moment method comprising extended end plate joints 
(which is considered as an upper limit to semi-rigid connections). This implies that the 
sway limit of 1/300 may be relaxed by up to 25%. Therefore the suggestion of 1{l70 for 
sway limit may not be unconservative. 
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3-3-Calculation of Sways in Unbraced Frames by Approximate Methods 
A number of approximate methods are available for the calculation of sway, some 
of which enable direct design to specific limits. If a given frame is to be analysed for 
sway, the charts produced by Wood & Roberts(1975) can be used. An alternative 
solution is due to Moy(1974) which has the advantage of providing guidance on the 
changes that will be required in section properties if the deflections in a trial design are 
excessive. 
However, if control of sway is likely to govern the member sizes, then equations 
due to Anderson & Islam(1979a)(1979b) enable a suitable design to be obtained directly. 
In order to choose the most convenient procedure in design, it is helpful to know at any 
early stage whether ultimate strength or serviceability limit on sway will dominate the 
choice of sections. Guidance on this for rigid jointed frames has been given by Anderson 
& Lok(1983). 
The following sub-sections consider the simplified methods of sway calculation for 
either prediction of the dominant limit state or a quick estimation of horizontal 
deflection. 
3-3-1-Derivation of Rigid Analysis 
The Wood & Roberts method has been included in BeeS Recommendations(1978). 
The analysis is based on the frame shown in Fig. 3·11 which acts as the substitution for 
an individual storey of a multistorey frame. Such an analysis can also be used to check 
deflections in the top or bottom storeys. The spring of stiffness S represents the cladding 
stiffness. 
By writing equilibrium equations and using the slope-deflection equations in terms 
of at , ab and a , an expression for sway can be derived in terms of at and ab. Joint 
eqUilibrium determines the unknown rotations at and ab in terms of stiffness of connected 
members, therefore a non-dimensional expression for sway, Cii, is obtained in terms of kt 










For the sake of convenience, Wood and Roberts presented their analysis in the form of 
charts such as Fig. 3-12(b). More details can be obtained from Anderson(1983). 
3-3-1-t-Substitute Frame 
To use the above analysis, each storey of the actual frame must be replaced by a 
substitute structure having the form of Fig. 3-12(a). This is done by first transforming the 
actual frame into a substitute beam-column structure. Fig. 3-13 shows the substitute 
structure for a 6storey,2bay frame used later in this section. Two assumptions have been 
made for the substitute frame as follows: 
a) The rotations of all joints at anyone level are approximately equal for horizontal 
loading on the real frame. 
b) Each beam restrains a column at both ends. 
Accordingly, for a typical beam in the real frame, the slope-deftection equations can be 
written by the assumption: 
eA • as • e 
which gives the end moment as: 
(3.11) 
In the substitute frame (Fig. 3-11): 
M • 2E(t)(26) - 4E(t)6 (3.12) 
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where Is is the second moment of area of beam in the substitute frame. Comparing Eqn. 
(3.11) with (3.12), the total stiffness Kb of a beam in the substitute frame is: 
(3.13) 
and for a column in substitute frame: 
(3.14) 
In both cases the summation is over all the beams or columns in the real frame at the 
level being considered. 
The continuity of columns in a multistorey structure is allowed for by the 
modification of the distribution coefficients. As each beam restrains the column lengths 
above and below its level: 
and (3.15) 
where Ku and K, are shown in fig. 3-12(a) as the stiffness of upper and lower column in 
respect to the storey under consideration. 
3-3-1.2.Examples 
Three frames have been chosen as shown in Fig. 3-14 and designed by the wind 
connection method using Grade 43 steel. First the method explained in section 3-3·1·1 
was employed to calculate the sway of each storey, then "exact" rigid analysis was 
carried out by means of an elastic analysis program (Benterkia(1991». In the calculation 
of the sways, only unfactored wind loads were applied. The results are tabulated in 
Tables 3-8 to 3·10. In these tables the shear force at each storey, i.e. at the top of each 
column in the substitute frame, is given. The stiffnesses of column, top beam and bottom 
beam in the substitute frame are calculated according to Eqns. (3.13) to (3.15). By using 
these values in the chart of Fig. 3·12 for;-o (cladding ignored), <i> and consequently A is 
obtained from Eqn. (3.10) as: 
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(3.16) 
Finally, the results of "exact" analysis are given in the last column of the tables. 
Comparison can be made between these results for each individual storey. It is 
shown that the results obtained by Wood's method are higher than those obtained from 
"exact" analysis for low rise frames, while they are lower for the medium rise frames. 
The overall sway can be compared, resulting in less than 20% difference for the 3storey,1 
and 2 bay frames and about 2% for the 6storey,2bay frame (Table 3-11). As the 
inaccuracy of this method is about 20% overestimation and 2% underestimation of sway 
deflection for the above frames, it may be considered as a sufficiently safe way for a 
rapid prediction of sway in the absence of sophisticated computer programs. 
3-3-2-Derivation of Semi-Rigid Analysis 
Where the practical frames are concerned, account must be taken of the flexibility 
of connections which affect the effective stiffness of the beams. A simplified case was 
presented by Driscoll(1976), in which the "absolute stiffness" of a member AB for joint 
rotation at A is given as follows (see Fig. 3-15): 
a) For "rigid frame analysis", i.e. stiffness of a beam with the far end B fixed, as used 
in moment distribution, SAB -1 and aBA-o: 
(3.17) 
b) For use in a frame free to sidesway, 6AB-l and 6BA-6AB: 
[ 
2(KB+1)+1 ]1 
KAB - !;lAB - 6£ 4(K.4 +l)(Ks+l}:t r; (3.18) 
c) For use in a frame prevented from sidesway t 6AB-l and 6s.4-6AB: 
(3.19) 
where 
El Kg - 3Zg(T) 
Z -lr 
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In the above formulae, Z can be replaced by the connection stiffness C, as one is the 
inverse of the other. 
3-3-2-1-Special Case in a Sway Frame 
If the rotation at joints at each storey level is assumed equal (KA -Kg), as is assumed 
in deriving the substitute frame of Fig. 3-12(a), the corresponding equation for the 
"relative stiffness" can be obtained by dividing the "absolute stiffness" by E and an 
appropriate constant. For unbraced frames from Eqn. (3.18): 
K, - [ 2K!+1 1 f (3.20) 
and if the connection stiffness is used: 
K, - [6J ] t 
-cr+1 
(3.21) 
K, is therefore the beam stiffness to be used in analysis to account for the semi-rigid end 
connections. 
The result of using Eqn. (3.20) or (3.21) is generally accurate for one bay frames as 
reported by Driscoll. It will be shown in the following examples that the above 
assumption is not far from accuracy even for multibay frames as long as the spans are 
equal. For determination of the "relative stiffness" of the beam restrained by semi-rigid 
connections, it is sufficient to multiply the beam stiffness by the relative stiffness ratio. A 




The same frames shown in Fig. 3-14 were used. They were designed by the wind-
moment method with stiffened extended end plate connections. The frames were 
analysed by an "exact" elastic semi-rigid program (Benterkia(1991» with the connection 
stiffness c taken as the initial stiffness of joint found by Be3 method. The frames were 
also analysed rigidly with the beams' stiffness taken as the "relative stiffness". The 
results will be described separately for each frame. 
a) Three storey, one bay frame: 
For this frame K, was calculated as 0.58 of the beam stiffness. The second moment 
of area of the beam was multiplied by this factor and used in rigid analysis to find 
the storey sways. The maximum horizontal displacement of 2.978 cm. was found, 
which is very close to semi-rigid deflection (2.976 cm.) of the real frame. 
b) Three storey, two bay frame: 
This frame was treated differently, as in a precise approach the rotation of beam 
ends cannot be assumed equal for the internal and external joints. Therefore KAB 
and KsA. were calculated in which unequal ZA. and z, were used. Nevertheless, the 
two values of "relative stiffness" obtained were quite close (0.59 and 0.61 of the 
beam stiffness) which implies the possibility of taking an average of KA.8 and KBA. as 
the "equivalent beam stiffness". The results are sufficiently close to those of real 
frame. An overall drift of 1.701 cm. was found in comparison with 1.705 cm. from 
exact analysis. 
c) Six storey, two bay frame: 
The same procedure as that described in (b) was carried out for this frame. The 
consistency of results was interesting. A total sway deftection of 7.862 cm. was 
found, in comparison with 7.857 cm. from exact analysis. 
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3-3-3-Equivalent Stiffness Used in Substitute Frame 
The author suggests that as an alternative, the beam stiffnesses calculated by 
Driscoll's method can be used in Wood's substitute frame to find the horizontal 
deflections at each storey. This has been examined on the 6storey,2bay frame. The 
calculations are set out in Tables 3-12 and 3-13. 
The maximum sway at roof level is obtained by the summation of storey sways. The 
resulting deflection of 7.80 cm. compares with the "exact" value of 7.86 cm. This again 
justifies the accuracy of the methods described and confirms that the methods of Driscoll 
and Wood can be combined as a "desk method" for estimation of sway in semi-rigid 
frames. 
3-4-Semi-Rigid Action at Collapse 
In the previous sections, different aspects of semi-rigid effects on frames at 
serviceability were considered. The internal elastic moments were found to be highly 
influenced by the semi-rigid joint behaviour. A separate study was undertaken on the 
ultimate response of semi -continuous frames, to consider the effects of partial strength 
connections on the frame stability. 
Frames with flexible connections reach the permissible deformation or allowable 
stress at a lower load than frames with rigid connections. Due to the relative 
displacements of the columns, extra moments are introduced in the frame as shown in 
Fig. 3-16. The P-11 effect is not a specific property of frames with semi-rigid 
connections, but it should be taken into account when a frame is considered at the 
ultimate limit state. 
Fig. 3-17(a) shows the behaviour of an unbraced frame with rigid and full-strength 
connections, while Fig. 3-17(b) depicts the behaviour of the same frame but with semi-
rigid (and partial strength) connections. The real behaviour of such frames is shown with 
the thick lines in Fig. 3-17. As shown, the elastic critical load of the frame decreases as 
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the flexibility of connections increases. The bearing capacity of the frame, based on 
first-order plastic theory decreases as the strength of connections decreases. The 
maximum loading capacity of frame will decrease as the flexibility and resistance of 
connections decrease. phenomena. 
In the plastic analysis of semi-rigid steel frames, the plastic hinges may form at the 
connections, beams and columns. The sequence of the formation of plastic hinges 
depends on the performance of the beams and columns, as well as the semi-rigid 
connections. A plastic hinge forms at a connection when the plastic resistance moment of 
the connection has been attained. Therefore, the plastic response of the frame is 
dependent on the strength of the joints. 
In this study, the collapse load levels of a three storey, one bay frame were 
calculated by means of a second-order elastic-plastic analysis program 
(Kavianpour(1990» taking into account the connection flexibility. The investigation was 
carried out for "full strength" and "partial strength" connections with respect to the 
moment resistance of the connected beam. 
3-4-1-Full Strength Connection 
The frame shown in Fig. 3-18 was analysed with variable joint stiffness while the 
applied loads were constant. The frame is similar to that used by Jaspart(1988) but the 
loading is as shown in Fig. 3-18. All joints within the frame were assumed to have the 
same secant stiffness. Second-order elastic-plastic analysis was carried out with various 
connection flexibilities to find the load level at collapse. For the sake of simplicity, the 
reduction in the plastic resistance moment of the columns due to axial force was 
neglected. The load level at collapse is plotted against the joint stiffness in Fig. 3-19. 
As shown, the semi-rigid joint action at collapse is not as influential as its effect on 
serviceability as described earlier. This is due to the redistribution of moments resulted 
from plasticity, which occurs when the ultimate capacity of frame is achieved. This has 
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also been found in the research done by Chikho & Kirby(1989). They analysed a two 
storey,one bay frame (Fig. 3-20(a» at incremental load levels. For both rigid and semi-
rigid analysis, almost the same amount of moment was developed at the windward end of 
each beam as the collapse was reached. This is shown in Fig. 3-20(b). They reported 
negligible reduction in the collapse load level for low-rise frames. Whilst for the more 
slender three storey frame, Jaspart(1988) reported 18% reduction. For a single storey 
frame with welded connections analysed by Tschemrnemegg & Humer(1988), a 
reduction of only 4% was found. 
The main influence of semi-rigid but full strength joints is therefore restricted to an 
increase in second-order effects. In consequence, reductions in the load level at collapse, 
compared to rigid-jointed frames, are less dramatic than increases of sway at service 
load. Although a full strength joint reduces the need for the connection ductility, the 
additional cost for providing such a strong connection may not be justified. 
3-4-2-Partial Strength Connection 
The same frame as shown in Fig. 3-18 was examined with identical joints at the 
beam's ends. To represent a nominally rigid but partial strength joint, the bilinear 
representation of M-+ characteristic was assumed as shown in Fig. 3-21, based on the 
limiting stiffness of nominally rigid joints as defined by EC3. The resistance of the 
connections was assumed as a varying fraction of the beam resistance. 
The analysis was initiated with full strength connections (m-l.O). Gradual decreases 
were then made in the connection resistance and the relevant failure load factor was 
determined at each step. The analysis program (Kavianpour( 1990» was based on 
second-order plastic hinge theory. The collapse load level is plotted against the 
connection resistance in Fig. 3-22. 
From comparison between Figs. 3-19 and 3-22 it follows that the influence of partial 
strength joints on the collapse load is more significant than semi-rigid but full strength 
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joints. This fact has also been concluded by Zandonini(1986) from investigations on 
portal frames. This becomes more obvious if the stiffness of an extended end-plate 
connection (ECCS(1992» given in Fig. 3-23 is indicated in Fig. 3-19. 
The results from a single storey frame with flush end plate connections are also 
reported by Chikho & Kirby(1989). A 14% reduction in the collapse load level was 
observed compared to rigid analysis. Reading(1989) reported a reduction of 20-35% for a 
series of multi storey frames with flush or extended end plate unstiffened connections. 
With partial strength connections, a high degree of moment redistribution may 
occur, because of the limited resistance of the connections. Thus, high rotation capacity 
may be required to develop the predicted performance. 
An example of the mode of collapse, for the particular case of the joint resistance 
limited to 0.8 of the plastic moment capacity of the beam, is shown in Fig. 3-24. 
3-S-Conclusions 
From the study on semi-continuous frames described in this chapter, the following 
conclusions can be deduced: 
1) The BC3 definition for rigid joints in unbraced frames exceeds the rigidity of 
stiffened extended end-plate connection, which in practice is recognized as a stiff 
connection. As fully-welded and T-stubs connections are not in common use, it is 
concluded that all steel connections in practice must be treated as semi -rigid or 
flexible joints according to BC3. 
2) The BC3 prediction equation for connection stiffness underestimates the moment 
resistance of extended end plate joints, and in general results in more flexibility for 
end plate connections. These will cause greater horizontal deflections and lower 
collapse loads for frames compared to practical behaviour of joints. 
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3) Regarding the Be3 definition for rigid connections, the increase of about 10% in the 
horizontal deflection due to semi-rigid analysis suggests of a modified allowable 
sway ratio of 1/270 for unbraced medium-rise frames. 
4) The Frye & Morris(197S) formula for extended end-plate connections does not give 
a precise indication of the connection behaviour because only a few parameters are 
taken into account. It ignores the effect of parameters such as the column web in 
shear, tension and compression zones. In comparison, Be3 has included the above 
factors as well as the bolts in tension. The initial stiffness of joints given by Frye & 
Morris formula for unstiffened extended end plate connections is less than that of 
Be3. The Frye & Morris equation may give increasing stiffness, while it is known 
from the test data that the connection stiffness deteriorates as the moment increases. 
5) At the serviceability limit state, where the wind-moment method is used in design, 
rigid deflections obtained from elastic analysis can be increased by 50% to allow for 
the connection flexibility at serviceability limit state. The above correction is safely 
acceptable for all wind speeds. 
6) The Wood & Roberts(1975) approximate method can be used as a simplified way to 
predict sway displacements. High-rise frames may need to be checked at 
serviceability by an exact method after the design is completed. 
7) The method proposed by Driscoll(1976) to take account of connection flexibility by 
inclusion of the initial stiffness of the joints in the beam stiffness appears quite 
accurate in the sway calculation. The term "relative stiffness" can be used for a 
beam whose second moment of area is decreased to allow for the flexibility of joints 
at its ends. 
8) The stiffness of a beam in a substitute frame can be replaced by the "equivalent 
stiffness" to enable the Wood & Roberts method to be used for semi-rigid frames. 
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9) The influence of the stiffness of semi-rigid joints on internal moments at collapse is 
less significant than its effect on sway at serviceability. Redistribution of moments 
occurs as the plasticity develops. 
10) Partial strength joints have a more significant influence on the collapse load than 
semi-rigid but full strength joints. The limited resistance of the connections form 
localized points of we~ess in the structure. 
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Table 3-1, Increase in sway assuming moment-rotation characteristics 
at the Ee3 boundary line comparing rigid with semi-rigid analysis 
FRAME WIDTH OF BAYS HEIGHT OF STOREYS INCREASE 
(top to bottom) 
8 storey ,1 bay 1@9.00 7@3.50+1@4.50 11.3% 
8storey, 1 bay 1@6.00 7@3.50+1@4.50 10.5% 
8 storey ,1 bay 1@4.50 7@3.50+1@4.50 10.3% 
6storey, 1 bay 1@9.00 5@3.50+1@4.50 9.4% 
6storey,2bay 2@9.00 5@3.50+1@4.50 8.0% 
4storey,2bay 2@6.00 3@4.00+1@5.00 7.3% 
2storey,4bay 4@9.00 1@5.00+1@6.00 2.7% 
Table 3-2, The effect o/reduction o/the stiffness of beams on sway increase 
FRAME ORIGINAL BEAM DECREASED BEAM INCREASE PREVIOUS 
SECTIONS SECTIONS OF SWAY INCREASE 
8storey,lbay 406x 140UB39(rooO 356x127UB33 
span=6.00 m. 11.4% 10.5% 
Grade 50 457xI91UB67(floors) 457x152UB52 
6storey,lbay 457xI52UB60(rooO 457x 152UB52 
span=9.00 m. 12.2% 9.4% 
Grade 50 533x21OUB92(floors) 533x21OUB82 
6storey, 1 bay 457x152UB60(rooO 457x152UBS2 
span=9.00 m. 13.5% 11.2% 
Grade 50 533x21OUB92(floors) 457x191UB74 
2storey,4bay 457x191UB67(rooO 406xl40UB46 
spans=9.0 m. 2.9% 1.8% 
Grade 43 610x229UBI13(floors) 533x210UB92 
2storey,4bay 457x191UB67(rooO 406xl40UB46 
spans=9.0 m. 3.9% 1.8% 
Grade 43 610x229UBl13(floors) 457x191UB74 
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Table 3-3, The effect of changing column sections on sway differences 
due to semi-rigid analysis for an 8storey,l bay frame 
NO. OF STOREY CONTINUOUS SECTIONS EXACT SECTIONS 
1 305x305 UC 97 305x305 UC 97 
2 305x305 UC 97 254x254 UC 89 
3 254x254 UC 73 254x254 UC 73 
4 254x254 UC 73 254x254 UC 73 
5 203x203 UC 71 203x203 UC 71 
6 203x203 UC 71 203x203 UC 60 
7 203x203 UC 46 203x203 UC 46 
8 203x203 UC 46 152x152 UC 30 
INCREASE IN SWAY 10.5% 9.3% 
Table 3-4, The effect of grade of steel on sway due to semi-rigid analysis 
FRAME 
bay length GRADE OF STEEL INCREASE IN SWAY 
store V hehlht 
8storey,1 bay 50 9.3% 
1@6.00m. 
7@4.50+1@6.00 m. 55 10.4% 
2storey,4bay 43 1.8% 
4@9.00m. 
1@5.00+1@6.00 m. 50 2.7% 
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Table 3-5, Values o/variables in Frye & Morris relationship (mm.) 
END-PLATE COLUMN FLANGE 
FRAME STOREY BEAM DEPTH THICKNESS TlflCKNESS 
D* t f 
roof 364.0 12.5 11.0 
7 528.3 15.0 11.0 
6and5 528.3 20.0 17.3 
528.3 20.0 15.4 
8 storey ,2bay 4 528.3 25.0 17.3 
528.3 25.0 15.4 
3 and 2 528.3 25.0 15.4 
528.3 25.0 23.8 
1 528.3 30.0 15.4 
528.3 30.0 23.8 
roof 364.0 12.5 11.0 
364.0 12.5 14.2 
5 528.3 15.0 11.0 
528.3 15.0 14.2 
6storey,2bay 4 528.3 15.0 11.0 
528.3 20.0 14.2 
3,2 528.3 20.0 11.0 
528.3 20.0 14.2 
1 528.3 25.0 12.5 
528.3 25.0 18.7 
roof 364.0 12.5 11.0 
4storey,2bay 3 528.3 15.0 17.3 
2 and 1 528.3 20.0 17.3 
* D - beam depth d - D + SO.Omm. 
Table 3-6, Comparison of drifts resulted from Ee3 and Frye & Morris equations 
with rigid sways 
SEMI-RIGID 
RIGID 
FRAME SWAY FRYE & MORRIS BC3 Be3 
(em.) COMPARED TO 
SWAY RATIO SWAY RATIO FRYE & MORRIS 
(em.) TO RIGID (em.) TO RIGID 
8storey,2bay 7.46 11.42 1.53 16.58 2.22 45% 
6storey,2bay 5.47 8.16 1.49 14.03 2.56 72% 
4storey,2bay 2.88 3.74 1.30 7.24 2.51 122% 
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Table 3-7, Sways of 4storey,2bay frame subjected to various wind loads 
WIND RIGID DEFLECTION AT EACH FLOOR TOTAL SWAY 
SPEED OR SWAY INCREASE 
m/s SEMI-RIGID 1st 2nd 3rd 4th RATIO % 
R 1.02 1.70 2.52 2.95 H/576 
38 44 
S-R 1.28 2.34 3.51 4.23 H/401 
R 1.19 1.98 2.94 3.44 H/494 
41 43 
S-R 1.49 2.72 4.07 4.92 H/345 
R 1.31 2.17 3.23 3.80 H/447 
43 42 
S-R 1.64 2.99 4.48 5.41 H/314 
R 1.43 2.38 3.54 4.16 H/409 
45 42 
S-R 1.79 3.28 4.90 5.92 H/287 
R 1.56 2.61 3.86 4.54 H/374 
47 42 
S-R 1.95 3.56 5.34 6.46 H/263 
R 1.77 2.96 4.37 5.14 H/331 
50 42 
S-R 2.20 4.03 6.04 7.30 H/233 
R 1.91 3.20 4.73 5.56 H/306 
52 42 
S-R 2.38 4.36 6.52 7.90 H/215 
Table 3-8, Sway deflections for 3storey,1 bay frame using approximate method 
STOREY F(kN) K,(cm. 3) Kb(cm. 3) k«{cm. 3) kbb(cm. 3) k, kb 
3 17.73 44 107 107 107 0.29 0.45 
2 34.52 44 107 107 107 0.45 0.42 
1 50.28 34 107 107 co 0.39 0 
-
--
Table 3-9, Sway deflections for 3storey,2bay frame using approximate method 
STOREY F(kN) K,{cm. 3) Kb(cm. 3) k«(cm. 3) kbb(cm. 3) k, kb 
3 18.67 76 214 214 214 0.26 0.42 
2 36.34 76 214 214 214 0.42 0.39 





















Table 3-10, Sway deflections for 6storey,2bay frame using approximate method 
STOREY F(kN) Kc{cm. 3) Kb(cm. 3) kbt{cm. 3) kbb{cm. 3) k, kb 
6 26. 39 317 317 317 0.11 0.20 
5 54. 39 317 317 317 0.20 0.20 
4 81. 67 317 317 317 0.30 0.30 
3 106. 67 317 317 317 0.30 0.30 
2 128. 144 317 317 317 0.48 0.45 

































Table 3-11, Comparison between overall sways 
APPROX. METHOD EXACT ANALYSIS DIFFERENCE 
. (em.l {em} 
2.93 2.51 17% overestimation 
1.75 1.47 19% overestimation 
6.27 6.40 2% underestimation 
Table 3-12, Calculation of equivalent beam stiffnesses 
for the 6storey,2bay frame 
ZA Zs KA Ks KAS KBA K, leq(cm. 4) 
0.00150 0.00150 0.70 0.70 0.42 0.42 0.42 19950 6986 6986 
0.00148 0.00120 0.38 0.31 0.58 0.60 0.59 28025 12469 12469 








Table 3-13, Sway deflections for semi-rigid 6storey,2bay frame 
using approximate method 
F(kN) Kc(cm. 3) Kb(cm. 3) kbt (em. 3) kbb(cm.3) kr 
26. 39 133 133 133 0.23 
54. 39 133 133 133 0.37 
81. 67 187 187 187 0.42 
106. 67 187 187 187 0.42 
128. 144 214 214 214 0.57 
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Fig. 3-8(b), comparison between moment-rotation curves obtainedfrom 
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Fig. 3-8(c), comparison between moment-rotation curves obtained/rom 
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Fig. 3-9. Stiffness of connection in the plastic analysis offrame using 
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Fig. 3-11, Single storey substitute frame 
(a) 





Fig. 3-12, Sidesway deflectionfor unbracedframe, (a)distribution 
coefficients, (b)values ofif> (unbracedframe, ;=0) 
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Fig. 3-13, Substitute/rame/or 6storey,2bay structure 
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Fig. 3-14, Frames used in examples of approximate method 
(a)3storey,lbay; (b)3storey,2bay; (c)6storey,2bay 
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Fig. 3-15, Moments and rotations at the ends of a beam with semi-rigid joints 
Fig. 3-16, Second-order effect 
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Fig. 3-17. Influence of semi-rigid and partial strensth connections on the 
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Fig. 3-18, Three storey,one bayframe used in the determination of 
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Fig. 3-19, Decrease in col/apse load level due to joint flexibility 
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Fig. 3-23, The moment-rotation curve of an extended end-plate 
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PART TWO 
END PLATE CONNECTIONS 
IN BRACED COMPOSITE FRAMES 
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Chapter 4 
INTRODUCTION TO COMPOSITE 
CONNECTIONS 
The demands for increasingly economical structures, which at the same time must 
possess adequate strength and stiffness, focus attention on the use of composite steel-
concrete beams and columns in multi storey frames. The use of composite beams has 
been recognized by many national codes of practice for many years. BS! provided a 
specification for composite design first in 1959, AISC in 1963 and Canadian Standard 
Association in 1978. 
The beams used in buildings are in reality members of framed structures, the 
behaviour of which is highly influenced by the detailing of the connections. 
Traditionally, the joints of steel framed structures were assumed to be fully rigid or 
completely flexible. New codes of practice including Eurocode 3(1992) have recognized 
the semi-rigid nature of connections, ranging from flexible to rigid dependent on the 
configuration and properties of the joints. 
The cost effectiveness of semi-rigid construction is likely to be of potentially 
greater importance in the field of composite structures. This fact has been indicated by 
Johnson & Hope-Gi11(1972) and Owens & Echeta(1981). The conventional design 
approach for composite beams is to assume that they are simply supported. Although 
ideal continuous beams may be made for bridges, the steel beams are jointed in a 
conventional frame, and continuity is obtained by an appropriate selection of longitudinal 
reinforcement in the vicinity of internal supports. This will substantially improve the 
frame's performance at serviceability and ultimate limit states. Fig. 4-1 shows the 
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steelwork framing of a floor in a conventional composite frame. 
As described in Chapter 1. the moment resistance in the hogging region of 
composite beams is normally smaller than that in the sagging region. A large amount of 
rotation capacity is then required of composite connections to achieve a full plastic 
mechanism in the composite beam. The two important factors in the behaviour of 
composite beams are therefore the moment resistance and the rotation capacity of the 
composite joints. 
Attempts have been made in both experimental and theoretical studies to find these 
two main characteristics of composite connections. This chapter includes a historical 
survey that covers the experimental background. In chapter 5 experiments conducted by 
the author will be described. The results of these tests will be assessed in Chapter 6. 
Chapter 7 includes a brief literature survey of the theoretical background for the 
derivation of prediction equations for connection stiffness. The work undertaken by the 
author on this subject is explained and the proposed model is examined against the test 
data. Chapter 8 concerns studies on redistribution of moments in composite beams. 
4-1-Definition of Composite Connection in EC4 
Design that relates only to steelwork components within composite structures is not 
treated by Eurocode 4( 1992). Hence in EC4 a composite connection is defined as " a 
connection between a composite member and any other member in which reinforcement 
is intended to contribute to the resistance of the connection". In the typical floor 
arrangement of Fig. 4-1. different types of beam-to-column or beam-to-girder connection 
configurations are present. Fig. 4-2 shows a typical composite connection between a 
composite beam and a steel column. The concrete slab may be composite or solid. i.e. 
with or without profiled steel sheeting. The shear connectors may be of different shapes; 
and welded. bolted or riveted to the steel section at the interface of concrete slab and 
beam. The most practical type of shear connector is the welded headed stud. 
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This definition will exclude connections with mesh reinforcement only, because 
concern over lack of ductility usually causes welded mesh to be omitted from the 
effective section. With the concrete cracked due to hogging bending and the profiled 
steel sheeting neglected, the connection reduces to one between steel sections and is 
therefore within the scope of EC3. 
4-2-Definition of Moment Resistance and Rotation Capacity 
The moment resistance of a composite connection is the maximum bending moment 
that can be applied on the actual connection, allowing for plastic deformations to take 
place. The design moment of the composite connection is the calculated moment 
resistance using a rational design method in which the partial safety factors are taken into 
account. 
The design rotation capacity of a composite connection is the maximum amount of 
rotation that takes place at moments greater or equal to the design moment resistance of 
the connection. 
4-3-Classification of Connections in EC4 
EC4 adopts the classification of connections given in EC3, but with definitions of 
Mpl.Rd and Elb appropriate to composite beams. This classification has been described in 
Chapter 3. Semi-rigid connections in sway frames are excluded from the scope of EC4. 
The boundaries for connections in braced frames are shown in Fig. 4-3. 
The behaviour of semi-rigid connections in composite frames is a matter of current 
research. This research aims at introducing some criteria for determination of moment 
resistance, stiffness and rotation capacity of the connections. The following categories 
are intended for composite connections: 
a) Simple connections: Any moment resistance and stiffness of the connection is 
ignored. 
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b) Rigid connections: No flexibility is assumed for the connection. The connection is 
usually full strength. 
c) Semi-rigid connections: The moment resistance and the stiffness of the connection 
are taken into account. The connection may be full strength or partial strength. 
Experimental and theoretical studies conducted by previous authors and the present 
author are available to clarify the classification of composite connections, as well as their 
main characteristics. 
4-4-Experimental Background 
An attempt to collect available experimental data on composite connections was 
made first by Zandonini(1989). These are covered in the historical background described 
here, together with tests performed elsewhere. Furthermore, the extensive experimental 
programmes undertaken recently by several researchers are summarized in this section. 
Although several categories of composite connections are utilized in practice. as 
shown in Fig. 4-1, two types of them have been tested mainly. These are internal and 
external beam-to-column connections which are modelled as cruciform and cantilever 
specimens as shown in Fig. 4-4. 
Different types of loading on cruciform specimens have been used by researchers as 
shown in Fig. 4-5. In the following paragraphs. the arrangement (a) of Fig. 4-5 with equal 
loads on both sides is referred to. unless otherwise stated. In the case of external 
connections. the load has been applied to the free end of cantilevers. 
Early experimental studies on the behaviour of composite connections were 
undertaken by Proctor(1969) on encased beams with two types of cleated joints. one to 
column flange and one to the column web. The web connection had a much greater 
ultimate strength mainly resulting from the limited deformation of the web but also 
because of increased concrete cover on the tension cleat. 
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Further work on encased beams framed into exterior columns of various types was 
carried out at Liege by Dobruszkes et ale 1969). In the first series, the cased beams were 
connected to reinforced concrete columns by means of various methods of anchorage. 
The second series were fully welded connections between encased beams and encased 
columns. The collapse load could be safely predicted from simple ultimate strength 
considerations. However, this kind of welded connection is rare in practice. 
Subsequent tests, described below, are summarized in Table 4-1. In Table 4-2, 
comparison is made between the plastic resistance moment of the steel section, Mpss , 
negative plastic moment of composite beam, Mpc, the observed ultimate moment 
resistance of the joint, Mu, and the moment at which cracking of slab started, Mcrae .• 
Table 4-2 also gives the ultimate observed rotations at failure and the modes of failure 
with which the experiments were terminated. 
An experimental project was conducted by Daniels et al(1970) on fully welded 
composite beam-to-column joints as illustrated in Fig. 4-6(a). They performed two tests 
on interior joints of unbraced frames subjected to vertical and horizontal loads. Four 
regions in the beams of a floor were identified with regard to the type of bending moment 
distribution as shown in Fig. 4-7. Consequently, the configuration of applied loads on the 
specimens were variable to model the above four regions . There was no attempt in these 
tests to deduce the moment-rotation characteristics of the joints. 
Bamard(I970) proposed taking advantage of semi-rigid composite action in design. 
The problem of local buckling in hogging moment regions had been appreciated earlier 
resulting in further studies on the behaviour of the compression zone in the beam section 
to provide an adequate rotation capacity in the connection. Climenhaga & Johnson 
(1972) pointed out that severe limitations have to be applied to the slenderness ratios of 
the web and the compression flange of composite beams. It is partly due to the raising of 
the plastic neutral axis resulting from the presence of slab reinforcement. The latter 
causes a greater portion of the web to undergo plastic deformation in compression and 
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therefore influences the rotation capacity of the beam in a hogging moment region. 
Johnson & Hope-Gil1(1972) later conducted a series of tests on interior composite 
beam-to-column joints to study their behaviour as semi-rigid connections. They 
examined bottom flange cleat joints as shown in Fig. 4-6(b) with a cruciform 
configuration and symmetrical loading. They investigated the web slenderness of the 
steel section and defined a "force ratio" A,fyrlAdys between the axial resistances of the 
reinforcement bars and the structural steel section. They concluded that the higher this 
ratio, the more critical web buckling. The rotation capacity of three rigid jointed beams 
was influenced by flange buckling, but in the beams with semi-rigid joints little flange 
buckling occured, due to the restraint provided by the angles and because prior failure 
took place in the rebars. 
Ansourian(l974) tested rigid connections between steel I-beams and pin-ended 
concrete filled square hollow section columns. Two basic types of connection, welded 
and bolted, were used; but in both cases the compression component of the beam couple 
was transmitted by a welded flange plate and the beam shear being carried by a shear 
plate. The first type of specimens collapsed by the failure of the butt weld connecting the 
flange plate to the column face. The moment capacity of such a connection then was 
suggested to be determined by the strength of butt weld or the column wall, as had been 
concluded earlier by Valbert(1969). The second type of joints showed a satisfactory 
strength because of the concrete filling and the tension flange being connected to the back 
of the column. 
Ansourian & Roderick(1976) carried out tests on exterior connections with encased 
columns, similar to Fig. 4-6(c), together with three tests on bare steel connections. 
Particular attention was paid to the slab reinforcement, to determine conditions under 
which it contributes to the effective composite action. The connections where the tension 
flange was not positively attached to the column flange had a satisfactory behaviour 
under working load, but premature collapse of the slab resulted. In comparison with bare 
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steel, the composite connections were found to have double the moment resistance. 
Ansourian( 1977) conducted six more tests but on connections to interior columns 
(Fig. 4-6(c» with symmetrical and asymmetrical configurations and loading. The 
columns were subjected to an axial force of 20% of the squash load. The slab 
reinforcement was identical in each test(2.2%), equal in area to 80% of the joist's cross 
sectional area. The variables were the dimensions of the joist and the type of loading. 
The tests were terminated by local buckling of compression flange, accompanied by 
lateral displacement in one case. The extent of yielding before buckling was found to be 
greatest for low values of the flange width to thickness ratio ( BIT ). 
More tests on different types of composite connections were performed by 
Ansourian & Sase(1981) as illustrated in Figs. 4-6(d)and(e). A total of five specimens 
were tested, three with external and two with internal encased columns. The first used 
flush end-plates; the second, fourth and fifth utilized top and bottom flange cleats; and the 
third adopted a flush end-plate connection with backing plates. The flexibility of the 
cleated joint allowed larger deflections to develop in comparison with the above 
mentioned (1977) tests. In the interior column specimens, the full plastic moment was 
exceeded by 15% and failure occurred by local buckling of the steel section when 
sufficient of the ftange and web were plastified to allow a full wavelength of the buckle to 
develop . At external connections, the maximum moments did not reach the plastic 
moment before brittle collapse of the slab occurred. The strength and stiffness of the 
connections were found to be greatly enhanced by the column casing and the reinforcing 
of the concrete slab. The transfer of moments was of the same order as in similar test 
specimens having welded flange plate connection and the same reinforcement layout. 
Tests by Echeta & Owens(1981) aimed to check the feasibility of meeting the 
requirements of a novel plastic design approach proposed for semi-rigid composite 
frames. They tested five specimens (Echeta(1982». one on an interior connection and 
the rest on exterior connections. Different types of joints were used (Figs. 4· 
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6(t),(I)and(m» with very low slab reinforcement ratios as a consequence of the limited 
moment resistance required by the proposed design method. The loading arrangement 
was as in Fig. 4-5(b). The relative values of Pl and P2 were controlled so that the shear to 
moment ratio at the joint zone was varied while the moment at the column face was kept 
constant. This was to simulate changes in this ratio when the moment redistribution was 
occurring in the beam as the collapse approached. No adverse interaction between high 
shear force and high moment was found. They concluded that the rotation capacity of the 
connection is large enough to allow a high degree of moment redistribution without 
buckling of the beam flange or the web occurring. They also examined the effect of lack 
of fit between the column face and the beam, and observed that it would reduce the 
connection stiffness and increase crack widths in the concrete slab, if premature slip 
occurred at the bottom cleat. 
10hnson & Law(1981), Law(1983) carried out three groups of full scale tests each 
including two cruciform specimens. The first two were flush end-plate connections to 
column flanges, similar to Fig. 4-6(e), and the next two to the column web (Fig. 4-60». 
One column of each group was encased and the interaction between steel and concrete in 
the vicinity of the column was different. The axial force in the column was provided by 
post-tensioning four prestressing bars. The stud arrangements on either side of the 
column also differed. On one side of all these four specimens the usual practice of equal 
spacing was used (full interaction) and on the other beam the shear connectors were 
bunched away from the column (partial interaction). The details of the third group of 
specimens were similar to the first group, except that the shear connectors were 
uniformly spread along the beams on both sides. The only difference between the two 
specimens of this group was the slab thickness (200 mm compared to 125 mm), whilst 
the amount of the slab reinforcement was equal. Therefore the reinforcement ratio was 
0.63% in comparison with 1.0% for the others. An analytical method was suggested. 
which provided a conservative formula for predicting the elastic stiffness of composite 
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beam-to-column connections with flush end-plate steel joints. This method will be 
described in Chapter 7. 
In order to simulate chequerboard loading conditions, the tests were conducted by 
applying first the load on one side only and increasing it up to the attainment of the 
plastic resistance of the relevant joint. The load on the other side was then applied and 
increased while the load on first side was kept constant until both loads were equal. 
Finally the both loads were increased together up to collapse. 
Van Dalen & Godoy(l982) conducted five tests on different types of interior 
connections representing the flexible, rigid and semi-rigid joints as shown in Figs. 4-
6(d),(g) and (h). Comparison was possible with similar bare steel connections as three 
additional tests on steel connections were undertaken. The loading was symmetrical. The 
reinforcement ratio changed from 0.46% to 0.80%, which was considered to bound the 
range of practical interest. The increase in moment resistance that resulted from the 
increase in the percentage of slab reinforcement was accompanied by significantly 
smaller rotations. Slippage occurred in the flexible connection at early stage of loading. 
This suggests that other types of connections such as welded cleats to the beam or flush 
end-plates would be preferable. The results showed that an increase in the amount of 
longitudinal reinforcement resulted in a greater increase in moment resistance for a 
flexible beam-column connection than in a semi-rigid one. The seat angle used in all 
tests served to stiffen the bottom flange of the beam. This in tum could cause an 
adventageous increase in the moment resistance of the composite beam. Stiffened 
columns were used in all tests. However, seat angles might also benefit the unstiffened 
column. The ultimate moment resistance of the composite connection was found to be six 
times that for the relevant bare steel case for a flexible joint and 1.5 times for the rigid 
joint. 
Two cruciform full scale sub-assemblages were tested by Redwood et ale 1985) to 
investigate the effect of fully reversed cyclic loading on the behaviour of connections. 
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The only difference between the two specimens was the loading conditions as shown in 
Figs. 4-5 (e)and(f). These two conditions cause both negative and positive bending 
moment at the column face. The resistance of the first specimen exceeded the negative 
plastic moment measured under monotonic loading. The second specimen demonstrated 
the stability and high energy absorbing capacity of the column web panel zone. Despite 
the crushing of concrete at the column face. the positive moment resistance of the 
column was not reached and the resistance equalled that measured under monotonic 
loading. In the both cases considerable ductility was achieved and the tests were 
terminated because of lateral buckling which accompanied local buckling in the case of 
the first specimen. The similarity between the moment-rotation envelopes of monotonic 
and cyclic loading was evident 
A research programme has been carried out at the University of Minnesota (Leon & 
Ammerman(l986). Ammerman & Leon(1987) and Leon(l987» in order to check the 
suitability of semi-rigid composite joints for sway frames .. The first phase of this project 
was intended to provide data to compare the behaviour of a semi-rigid connection with 
and without a concrete slab. A cleated steelwork connection(see Fig. 4-6(k» similar to 
those of Radziminski et al(l982)(198S) was used for which the M~ data was already 
provided. Two composite interior beam-to-column connections were tested. The first was 
subjected to monotonic loading and the second to cyclic loading. The test set-up for both 
was similar except that in the second test a lateral load was applied at the bottom of the 
column instead of vertical load at the beam ends(see Fig. 4-5(d». The only difference in 
connection details was that the top flange angle was omitted on one side of the 
monotonic test and on both sides of cyclic test specimen. The two different steel 
connections in the same specimen were designed to check the influence of the degree of 
continuity given by the top flange cleat. They concluded that the behaviour of a 
composite connection is similar to that of a non-composite one with the slab 
reinforcement replacing the top angle. The substitution of the angle with rebars resulted 
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in much more linear initial behaviour. The degree of linearity was expected to become 
more if the reinforcement ratio was increased. Although the column web was not 
stiffened, only very limited yielding was observed. It was then concluded that web 
crippling might not be as severe a problem for semi-rigid connections as with rigid ones. 
The results of the first phase of their work was extended to a full scale test on a two-bay 
frame and eventually into prac!ical applications. 
The second phase of this programme has been reported by Leon(l990). It included 
tests on four types of cleated joints subjected to monotonic or cyclic loading. Slippage 
was observed at the interface of cleats and the steel beam. The drift of the specimen was 
monitored in the cyclic tests, and a thicker bottom cleat was found to improve the 
hysteric behaviour of the joint. It was concluded that a semi-rigid composite system 
would be very advantageous in the areas of moderate to high wind loads, and low to 
moderate seismic loads. A design procedure was then developed from the understanding 
of the failure mechanisms for these connections. 
A research project was carried out by Benussi et al(1986)(1987) in which end-plate 
connections were employed as the most suitable joints. Two factors were investigated: 
the strength of the slab reinforcement and the type of the joint. The test procedure has 
been reported in two parts. The first series consisted of four cruciform connections, two 
flush end-plate as semi-rigid connections (Fig. 4-6(e» and two header-plate as flexible 
connections(Fig. 4-6(i». In the latter the plate was simply welded to the lower part of the 
web. The only difference in each couple of specimens was the percentage of rebars. 
Despite the remarkable difference of stiffness and strength, the shape of M", curves were 
basically similar for all specimens. They concluded that a general graph as shown in Fig. 
4-8 could be assumed to characterize the elastic, inelastic and plastic phases. 
Consequently, a quadrilinear relationship was suggested. It was found adviseable to 
improve the capabilities of the joint by properly selecting the amount and tensile strength 
of the rebars rather than by a more complex detailing of the steel connection. In a 
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subsequent numerical study on braced frames, the amount of reinforcement was also 
found to affect the behaviour of beams with semi-rigid joints more than that of beams 
with fixed ends. In this study the use of simplified models for the M ~ relationships such 
as the proposed one, resulted in the development of plastic hinges first in the end cross 
section. 
The second series of their work was conducted to point out the influence of shear 
connector flexibility, the interaction between the concrete slab and the column, and the 
effect of unbalanced moments. The first connection tested was as Fig. 4-6(i) but the 
column web stiffener was omitted and the studs were of a smaller size and spaced at a 
greater interval, while still considered as providing full shear interaction. In four of the 
other five specimens a gap was left between the slab and the left side of both column 
flanges in order to allow contact solely along their right side. In two of these tests, 
mechanically fastened shear connectors were used instead of the welded studs, while the 
number and spacing was kept the same. The last specimen was a fully welded connection 
to an unstiffened column. In the assessment of the results, elastic phase was divided into 
cracked and uncracked stages. In the inelastic phase, further increments of moment 
resistance were made possible mainly by strain hardening of the rebars. In this phase the 
specimens with the mechanically fastened shear connectors experienced a significant 
uplift of the slab with a modest influence on the overall response. The tests were stopped 
because of excessive deformation before any actual evidence of collapse was observed. 
The gap of concrete at the column face influenced the response of one side significantly 
in the inelastic range because of the absence of the slab-column contact. 
The measured rotation at a distance from column face including the curvature of the 
relevant part of the beam, and the vertical deflections of the beams end were used in two 
alternative approaches to calculate the rotation at the joint. It was suggested that the 
internal beam-column interaction be modelled as three non-linear springs. An 
"interaction coefficient" was introduced with reference to the quota of moment 
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transmitted between the two adjacent beams. This coefficient ranges from 0 to I, the 
former for no joint interaction and the latter for full joint interaction. The ultimate 
moment resistance achieved by the costly fully welded connection was limited whilst the 
rotation capacity reduced. 
Recently, an extensive experimental study was conducted at the University of 
Liege by Altman et al(199O). The behaviour of 24 beam-to-column web and/or flange 
cleat connections bolted to column flanges similar to Fig. 4-6(f) was investigated. The 
variable parameters were the thickness of cleats, number of cleats, reinforcement, testing 
arrangement and instrumentation. The influence of each parameter together with 
experimental curves has been briefly described in their preliminary report, which has yet 
to be ellaborated. 
A series of tests on five external and six internal connections has been carried out by 
Lam(1989). Two tests of each group was on minor axis joints. An additional beam-to-
beam connection was also tested. Seven bare steel joints had been tested prior to the tests 
on the composite connections. Hence comparison was possible between the behaviour of 
steelwork and composite connections. The aim was to study the effect of deck direction, 
column orientation, internal or external column position and slab reinforcement. The 
connection type was constant. It comprised a seating cleat and a single side cleat to the 
beam web. In cruciform tests, load was applied on top of the column. The end of the 
cantilever beams then reacted against the rig. 
The stiffness of uncracked slab was found to be significantly greater when the deck 
was parallel to the beam. Only modest rotation capacity was observed in tests with 
nominal reinforcement, due to brittleness of mesh. Additional reinforcement improved 
both the rotation capacity and the moment resistance of the connections. The analytical 
study undertaken demonstrated that the moment-rotation characteristics of composite 
joints may improve the load resistance of composite beams and reduce service 
deflections. 
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A comprehensive programme of testing and analytical work has begun at the 
University of Nottingham, with two aims. The first project concerns collecting the 
available test results, conducting a series of further tests on composite joints and 
modelling the connection behaviour. The second project concentrates on the effect of 
semi-rigid composite joints on the behaviour of frames, particularly the redistribution of 
moments along the continuous beams. A number of full scale tests on composite frames 
are also included in this project. 
Regarding the first project, sixteen tests have been performed so far (Xiao et 
al(1990)(1991)(1992» on different types of joints with various amount of reinforcement 
but mainly with identical beam and column sections. Four connection types have been 
considered: flush end plate, partial depth end plate, seating cleat and web side plate as 
shown in Figs. 4-6(e),(i),(d) and (n). They were bolted to either the column web or the 
flange (minor and major axis joints), except for the web side plates which were welded to 
the column and bolted to the beam web. The main results of this series of tests are the 
moment-rotation characteristic of the connections. 
A test programme is being conducted by Jarrett & Moore(1992) on full scale H· 
frames, two of which consisting of a composite beam jointed to two columns via semi-
rigid connections as external joints. The third subframe consisted of three columns and 
two beams providing an internal and two external joints. The first test employed web side 
plate connections similar to Fig. 4-6(n) and absorbed less than 15% of the midspan 
moment, despite a heavily reinforced slab(1.5%). The second and the third tests 
comprised partial depth end plate connections absorbing 30% and 25% of the midspan 
moment respectively. The results of this series of tests has not yet been published. 
Table 4-1, Summary o/tests on composite connections 
AurnOR REF- ARRANGE- CONN. COLUMN BEAM 
& YEAR ERENCE MENT TYPE SECI10N SECTION 
Daniels, 
Kroll & 11 INT-S a 16WF68 16WF40 
Fisher J2 INT-S a 16WF68 16WF40 
1970 
Johnson HBSO INf-S b 152x152x37 203 x 133x25 
& HB51 INT-S b 152x152x37 305x165x40 
Hope-Gill HB52 INT-S b 152x152x37 305x165x40 
1972 HB53 INT-S b 152x152x37 305x165x40 
HB54 INf-S b 152x152x37 406xl4Ox39 
Ansourian RSCI EXT-S c 1 SOX 125x38 PLlOOx7SxlS 
& RSC2 EXT-S c 1 SOx 125x38 PLl5Ox75x18 
Roderick USC I EXT-S c 2OOUC46 2OOUB25 
1976 USC2,3.4 EXT-S c 2OOUC46 200UB25 
uses EXT-S c 2OOUC60 2OOUB25 
Ansourian 1 INT-S c 2OOUC&J 200UB2S 
1977 2 INT-S c 200UC&J 200UB30 
3.4.5.6 INT-S c 2OOUC&J 200UB30 
Ansourian 1 EXT-S e 2OOUC46 2OOUB25 
& 2 EXT-S d 2OOUC46 2OOUB25 
Sase 3 EXT-S e* 2OOUC46 200UB25 
1981 4 INf-S d 2OOUC46 200UB25 
5 INT-S d 200UC46 200UB25 
Echeta IB INT-S f 1 SOx I 00x5* 254xlO2x28 
& 2BS EXT-S I lSOxl00x5* 254xl02x28 
Owens 3.4BS EXT-S m lSOxl00x5* 254xl02x28 
1981 5BS . EXT-S m 1 SOx 1 00x5* 152x152x37 
Johnson JXl INf-S e 203x203x46 457x191x67 
& JX2 INf-S e 203x203x46 457xl91x67 
Law JYl INT-W j 254x254x73 457xl91x67 
1981 JY2 INf-W j 254x254x73 457x191x67 
JCl INT-S e 203x203x46 457x191x67 
JC2 INf-S e 203x203x46 457x191x67 
fys SLABW/D REINF. 
(N /nun 2) (nun/nun) (%) 
278 1600/100 1.1 
278 1600/100 1.8 
310 7&J/83 1.4 
277 7&J!90 0.8 
277 7&J!90 1.8 
293 7&J!90 2.0 
315 7&J/90 2.0 
288 600nS 2.2 
346 6OOn5 2.2 
288 600/100 3.6 
290 1200/100 2.1 
287 1200/100 2.1 
295 1200/100 2.2 
275 1200/100 2.2 
276 1200/100 2.2 
335 1200/100 2.1 
335 1200/100 2.1 
335 1200/100 2.1 
326 1200/100 2.1 
326 1200/100 2.1 
311 1OSOn5 0.5 
311 lOSOn5 0.4 
462 1OSOn5 0.4 
378 lOSOn5 0.4 
264 1400/125 1.0 
264 1400/125 1.0 
264 1400/125 1.0 
264 1400/125 1.0 
264 1400/125 1.0 
264 1400!200 0.6 
~ --
/Yr LOAD 





























































Table 4-1, Continued 
AUIHOR REF- ARRANGE- CONN. COLUMN 
& YEAR ERENCE MENT TYPE SECrION 
VanDalen CBl INT-S d W8x20 
& CB2.3 INT-S g W8x20 
Godoy CB4 INT-S h W8x20 
1982 CB5 INT-S h W8x20 
Redwood. 
Mitchell 1 INT-S a* W25OX89 
&Dunberry 2 INT-S a* W25OX89 
1985 
Benussi, SJA-1O INT-S i HEB260 
Puhali& SJA-14 INT-S i HEB260 
Zandonini SJB-1O INT-s e HEB260 
1986 SJB-14 INT-S e HEB260 
Ammerman SRCCIM INT-S k WF14x99 
& Leon SRCCIC INT-S k* WF14x99 
1987 
Puhali, SJAI4/1,2 INT-S i HEB260 
Benussi SJA1413 INT-S i HEB260 
& SJAI4/4 INT-S i HEB260 
Zandonini SJAI4/5 INT-S i HEB260 
1989 SJ14 INT-S i HEB260 
Altman. 24x2C INT-S k* HE200 
Maquoi 3Ox2C INT-S k* HE200 
& 36x2C INT-S k* HE200 
Jaspart 24x3C INT-S k** HE200 
1990 3Ox3C INT-S k** HE200 
. 
36x3C INT-S k** HE200 
Leon SRCC3C INT-S k W14xl20 
1990 SRCC4M INT-S k* Wl4xl45 
SRCCSM INT-S k** W14xl45 
SRCC6C INT-S k** W14x145 
BEAM Iys SLABW/D REINF. 
SECTION (N Imm 2) (mmlmm) (%) 
W8x20 310 1200/100 0.5 
W8x20 310 1200/100 0.8 
W8x20 310 12001100 0.5 
W8x20 310 1200/100 0.8 
W360x39 - 1750/132 1.6 
W360x39 - 1750/132 1.6 
IPE300 288 1000/120 0.7 
IPE300 288 1000/120 . 1.2 
IPE300 288 1000/120 0.7 
IPE300 288 10001120 1.2 
WF14x38 293 1500/100 0.7 
WF14x38 293 1500/100 0.7 
IPE300 316 10001120 1.2 
IPE300 316 10001120 1.2 
IPE300 316 10001120 1.2 
IPE300 316 1000/120 1.2 








- 12001120 % 
IPE240 
- 1200/120 % 
IPE300 - 1200/120 % 
IPE360 
- 1200/120 % 
W14x38 293 1500/125 0.9 
W21x57 293 1500/125 0.9 
W21x57 293 1500/125 0.9 
W21x57 293 1500/125 0.9 
Iyr LOAD 






















































Table 4-1, Continued 
AUfHOR REF- ARRANGE- CONN. COLUMN BEAM /ys SLABW/D REINF. /Yr LOAD COMMENTS 
& YEAR BRENCE MENT TYPE SECTION SECTION (Nlmm2) (mmlmm) (%) (N Imm 2) TYPE 




a one side 





& C3 EXT-S f 203x203x46 356x171x67 - 1200/120 0.2 - a connections, 
Nethercot C4 EXT-W f 203x203x46 356xl71x67 
- 1200/120 0.2 - a transverse 
1990 C5 EXT-W f 203x203x46 356x171x67 
- 1200/120 0.9 - a girders 
C6 INT-S f 203x203x46 305x165x46 - 1800/120 0.2 
-
a provided 
C7 INT-S f 203x203x46 305x165x46 
- 1800/120 0.6 - a in all 
C8 INT-S f 203x203x46 305x165x46 - 1800/120 0.9 - a tests 





CIO INT-W f 203x203x46 356xl71x67 - 1200/120 0.2 - a 





Bemuzzi, CTI INT-S e* HEB260 IPE330 329 1000/120 1.1 483 a *extended in 
Noe& CT2 INT-S e* HEB260 IPE330 319 1000/120 1.1 473 a compression 
Zandonini CT3 INT-S e* Tubular** IPE330 312 1000/120 1.1 478 a **filled 
(1991) 
.... 
Xiao, scn INT-S d* 203x203x52 305x165x40 293 1200/120 0.2 558 a *top cleat t 
Nethercot SCI2 INT-S n 203x203x52 305x165x40 293 1200/120 0.2 558 a omitted 
& SCI3 INT-S e 203x203x52 305x165x40 293 1200/120 0.2 558 a 
0100 SCJ4 INT-S e 203x203x52 305x165x40 293 1200/120 1.0 544 a 
1992 SCI5 INT-S e 203x203x52 305x165x40 293 1200/120 1.0 544 a 
SCI9 INT-S i 203x203x46 305x165x40 293 1200/120 0.8 454 a 
SCIIO INT-S i 203x203x46 305xI65x40 293 1200/120 0.8 454 a 
SCI I I INT-S d* 203x203x46 305x165x40 293 1200/120 0.7 454 a 
SCI12 INT-S n 203x203x46 305x165x40 293 1200/120 0.7 454 a 
Note- 0.2% reinforcement in Table 4-1 refers to A142 mesh only. 
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Table 4-2, Moments, rotation capacities and modes of failure in previous tests 
AUTHOR REF- Mpss Mpc Mu Mcrae. Mil cPu FAILURE 
-,;r; 
& YEAR ERENCE (kNm) (kNm) (kNm) (kNm) (mrad) MODE 
Johnson HB50 81 120 101 35 0.84 >60 B 
& HB51 187 226 105 37 0.47 >70 A 
Hope-Gill HB52 184 249 222 78 0.89 >65 A 
1972 HB53 175 285 254 89 0.89 30 C 
HB54 225 339 303 106 0.89 33 0 
Ansourian RSCI 
-
35 34 16 0.98 34* 0 
& RSC2 
-
65 62 20 0.96 54 L 
Roderick USCI 77 123 121 28 0.99 64 0 
1976 USC2 77 123 115 40 0.93 61 F 
USC3 77 131 153 40 1.16 61 0 
USC4 77 131 106 40 0.81 41 F 
USC5 77 132 149 40 1.13 51 0 
Ansourian 1 77 131 155 40 1.18 34* 0 
1977 2 86 146 202 70 1.39 64 0 
3 195 295 319 52 1.08 30 D,L 
4 86 146 209 65 1.43 53 0 
5 86 146 191 52 1.31 45 D 
6 195 266 191 52 0.72 110 A 
Ansourian 1 77 143 117 40 0.82 95 F 
& 2 77 143 118 40 0.83 45 F 
Sase 3 77 143 127 40 0.89 110 F 
1981 4 77 136 161 - 1.18 - D 





Echeta 1B 105 139 111 - 0.80 >32 A 
& 2BS 105 126 65 - 0.S2 >34 F 
Owens 3BS 157 185 72 - 0.39 >30 A 
1981 4BS 157 185 68 - 0.37 >50 G 
SBS 110 130 50 
-
0.38 >45 A 
Johnson JXl 409 541 354 
-
0.66 24 A 
& JX2 409 541 370 
-
0.68 35 A 
Law JY1 409 541 384 
-
0.71 10 A 
1981 JY2 409 541 600 
-
1.11 88 D 
JC1 411 541 449 
-
0.83 19 F 
JC2 411 564 530 
-
0.94 18 F 
VanDalen CB1 95 123 121 27 0.98 47 A 
& CB2 95 142 173 27 l.15 36 A 
Godoy CB3 95 142 171 27 l.21 10 A 
1982 CB4 95 123 138 27 l.12 22 A 
CBS 95 142 162 27 1.14 14 A 
Redwood 1 187 337 380 84 1.13 
-
L,D 
et al. 1985 2 187 337 350 80 l.04 
-
D 
Benussi, SJA-lO 181 248 165 
-
0.67 >21 A 
Puhali & SJA-14 181 273 221 
-
0.81 >23 A 
Zandonini SJB-tO 181 248 208 
-
0.84 >22 A 
1986 SJB-14 181 273 261 
-
0.96 24 D 
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Table 4-2, Continued 
AUTHOR REF- Mpss Mpc Mu Mcrae. Mu 4>u FAILURE 
-u;;; 
& YEAR ERENCE (kNm) (kNm) lkNml (kNm) (mrad) MODE 
Ammerman SRCCIML 295 392 
& Leon SRCCIMR 295 392 
1987 SRCCIC 295 392 
Puhali, SJA14/1 181 285 
Benussi SJA14/2 181 285 
& SJAI4/3 181 285 
Zandonini SJAI4/4 181 285 
1989 SJAI4/5 181 285 
RJ14 181 285 
Leon SRCC4M 588 
-




Davison, Cl 198 
-
Lam C2 198 
-
& C3 333 
-
Nethercot C4 333 
-














Bernuzzi, CT1 252 372 
Noe& .CT2 252 363 
Zandonini CT3 252 361 
(1991) 
Xiao, scn 172 220 
Nethercot SCJ2 172 220 
& SCJ3 172 220 
Choo SCJ4 172 292 
1992 SeJ5 172 292 
SCJ9 172 277 
SCJ10 172 277 
SCnl 172 269 









A - test terminated for excessive joint deformation 
B - failure of the shear connectors 








































o -local buckling of the steel beam (flange and/or web) 
E - shear fracture of the bolts 
-
0.60 39 A 
-





61 0.86 27 A 
47 0.85 40 A 
-
0.81 37 A 
47 0.84 48 A 
-
0.77 23 A 













































53 0.80 31 C 
55 0.98 13 C 
55 0.83 11 C 
22 0.22 14 F 
12 0.14 21 F 
30 0.39 7 F 
40 0.69 23 H 
45 0.82 30 0 
27 0.39 18 H 
38 0.53 17 0 
45 0.63 28 H 












F - fracture of slab reinforcement 
G - crushing of slab against the column 
H - buckling of column web in compression 
L -lateral buckling of beam 
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Fig. 4-2, A typical composite beam-to-column connection 
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Fig. 4-3, Classification of connections in Eurocode 4 
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(a) (b) 
Fig. 4-4, (a)Crucijorm specimen,and (b)cantilever specimen 
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Fig. 4-6, Types of composite connections used in tests 
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Fig. 4-8, Typical connection behaviour (BenLlssi el a/) 
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Chapter 5 
TESTS ON COMPOSITE CONNECTIONS 
5·1·Introduction 
In order to achieve economic design, a designer needs to know the behaviour of 
each individual connection, obtained either by tests on the actual joints or by using 
prediction equations. It is usually not feasible to arrange tests on the joints to be used in a 
structure and therefore some rules are needed for calculating their characteristics. A 
large amount of data is available from previous tests on steel connections, which has 
been used by several researchers for predictions of connection stiffness. Some methods 
have recently been employed in the codes of practice, such as Eurocode 3 (1992). 
In comparison with steel connections, there is a lack of experimental information 
necessary for the development of a design criterion for composite connections. This fact 
has well been reflected in Eurocode 4(1992), as commented on in Chapter 4. The test 
programme described herein was planned to contribute to the knowledge of composite 
connections and the derivation of an appropriate prediction equation. 
5·1·1· The Selection of Connection Details 
A number of tests on the behaviour of steel beam-to-column connections in fire 
have been recently conducted by Lawson et al(I990). Three types of connections were 
tested as being typical of those used in practice: 
1) "Rigid" connection: extended end plate. 
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2) "Semi-rigid" connection: flush end plate. 
3) "Flexible" connection: web cleats(double sided). 
The flush end plate and the web cleat connections were supporting composite slabs. 
It was decided to base the selection and design of the test specimens on those used in the 
fire tests. The extended and flush end plate connections were selected with the same size 
and dimensions. The aim was to concentrate on the end plate joints. 
The end plate joints are extensively used in steel construction. They are fabricated 
neatly and once welding is complete at the workshop, the beam section becomes less 
vulnerable to distortion caused by handling. The frames utilizing this type of joints are 
also erected more rapidly and safely. The horizontal slip that occurs in cleated joints is 
avoided in end plate joints. Vertical slip has rarely been reported in the end plate joints. 
The High Strength Friction Grip bolts therefore are not required. Steel fabricators prefer 
the use of ordinary bolts rather than costly HSFG bolts. 
In present UK practice, high yield bars are employed for reinforcing concrete. The 
use of profiled steel sheeting as the formwork for concrete is increasing which also 
provides a platform for construction work. It was therefore decided to use high strength 
bars and the steel decking. The same type of reinforcement and sheeting had been used in 
the fire test. The connection tests being conducted nowadays in the research centres have 
utilized the same slab thickness and similar type of bars and decking, comparison 
therefore will be possible between the results of these tests. 
There is a lack of data concerning composite connections acting about the minor 
axis of the column. With reference to Fig. 4-1, a column may support beams from one 
side or more via the joints to web orland flange of the column. As described in Chapter 
3, the overall stiffness of the column is highly dependent on the restraint provided by the 
beam-to-column connection. The slenderness of the column limits its load carrying 
capacity which is controlled by the stiffness about its minor axis. A number of tests were 
planned to study the restraint provided by minor axis composite connections to the steel 
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column. The steelwork connection and reinforcement were taken similar to those of 
major axis tests. 
A total of eleven tests on end plate beam-to-column connections under static 
loading were performed. The test programme is summarised in Table 5-1. All tests were 
carried out on cruciform specimens to model the internal joints of the structures. In seven 
tests, the end plates were bolted to the column flanges, i.e. the beams acted about the 
major axis of the column. In the remaining four, the end plates were bolted together 
through the holes in the column web, i.e. the beams acted about the minor axis of the 
column. Each group includes a test on a bare steel flush end plate connection with the 
same details as the composite connections, except for the omission of the concrete slab. 
The amount of reinforcement was chosen so as percentages of about 0.5%, 1.0%, 
and 1.5% could be obtained. The percentage is the ratio of the total area of the main 
reinforcing bars to the area of concrete above the ribs of profiled steel sheeting. 
The variables in the tests were the type of end plate connection, the type of loading. 
the depth of the steel beam, the amount of reinforcement and the degree of shear 
connection. The common parameters were as follows: 
Structural steelwork(Grade 43) Beam: 305x165 UB 40* 
Column: 203x203 UC 52 







20 mm diameter Grade 8.8 
PMF CF46 0.9 mm thick 
1100 mm wide, 120 mm deep overall 
Normal weight, designed as Grade 30 
A142 mesh plus T12 bars 
19 mm stud x 100 mm long before welding 
* Except in Test 10 which was 457xl52 UB 52 
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The steelwork details of major axis tests are shown in Figs. 5-1 and 5-2, including 
the arrangement of decking and studs. The steelwork details and arrangements of the 
minor axis tests are shown in Fig. 5-3. The reinforcement details are shown in Figs. 5·4 
and 5-5. 
5-1-2-The Design of Connections 
In the design of the connections, the yield strength of structural steel was taken from 
the mills certificates. The yield strength of reinforcing bars, mesh and end plate material 
were based on measured values. The cross sectional properties have been taken as the 
tabulated figures. The calculations based on these values were carried out on steel 
connections for both flush end plate and extended end plate according to EC3(l992). 
The compression zone was found to be the weakest part, hence it was stiffened like the 
fire tests to avoid this mode of failure. These calculations are given in Appendix A. 
Design calculations were also performed for the attached beams. Assuming continuous 
composite beams, two equal spans of 9.00 m and 11.5 m were taken for 305x165UB40 
and 457xl52UB52 sections respectively. These calculations are given in Appendix B. 
The width of 1.1 m for composite slab was deduced from the recommendations in 
BS5950:Part3.1 and EC4 for the effective breadth of the concrete flange. To compensate 
fQr the greater effective breadth of the deeper beam, i.e. 1.4 m, the strength of concrete 
was increased by 25% by simply changing the water to cement ratio. 
The resistance moments of the composite connections were determined from the 
resistance of the tension zone of the steelwork connection, Rb, and the resistance of the 
reinforcement, R,-l"A,. If the total resistance (Rb+R,) exceeded that of the lower steel 
flange, R,-BT/y , a depth of web adjacent to this flange was assumed to be stressed to 
yield(see Fig. 5-6). This depth x I was determined by equilibrium and used in the 
following formula to calculate the resistance moment of the composite connection: 
(5.1) 
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In the case of extended end plate connection, the second term in Eqn. (5.1) which 
takes account of the connection resistance in tension, should account for the bolt row in 
the extended part of end plate. Therefore the product of the force in the top row of bolts 
and its distance from the centre of the bottom flange was added. 
5·1·3·Test Specimen and Test Rig 
Each specimen consisted of two nominally identical cantilevers. Some indication of 
the variability of nominally identical connections could then be concluded. The length of 
the cantilevers were 1500 nun with the steel beam 50 nun longer than the concrete slab. 
A limited overall height for the column, 1200 nun and 2100 nun for major and minor 
axis tests respectively, was chosen. 
Two independent jacks were used to apply loads on each cantilever, at 1400 mm 
from the face of the column section(the flange in major axis tests and the web in minor 
axis tests). Each jack acted on the ends of specimens through an arrangement of rollers 
and knife edge as shown in Plate 1. This arrangement permitted the beams to rotate about 
the vertical symmetric plane perpendicular to the beams, but did not allow rotation about 
the plane of the beams' web. The jacks reacted against a supporting rig of "Meccano" 
members to the laboratory strong floor. 
The base of the column was supported on a ball joint seated on a concrete footing. 
Consequently, the base was held in position but free to rotate. Side bracings were also 
provided for the safety of test rig in case of sudden failure or any un predicted 
circumstances. 
Preparation was made in the rig for minor axis tests to resist unbalanced loads. This 
was done by means of two tie bars, one of which held the column base in place, while the 
other was attached to the top of the column. The top tie also acted as an additional 
means to apply the required out of balance by use of a jack. Two arrangements of the ties 
(a and b in Fig. 5-7) were possible, to enable a decision on which side to unload to be 
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made during testing. 
S-1-4-Fabrication of Test Specimens 
The columns and the beams were flame cut from the longer lengths supplied. One 
end of each beam and column were to be connected to an end plate or base plate and 
were therefore sawn. The widths, thicknesses and depths of all steel sections and end 
plates were measured in regular intervals and averaged. The tensile tests were performed 
for mesh and reinforcing bars. The measured values are given in Appendix C. 
The plates were drilled together with the column to ease bolting. For each specimen, 
the column and beams were laid on a strong welding table in a horizontal position, to 
align the beams and adjust the components. The assembly was then spot welded to allow 
for dismantling and completing the welds. The beams and columns were assembled 
again and the bolts were fastened diagonally, e.g. first top right then bottom left and vice 
versa. A torque of 200 Nm was applied to the bolts by a wrench on which a dial gauge 
showed the applied torque. 
The profiled steel sheeting was cut according to the drawings, care being taken to 
overlap and cut the sheeting so that the arrangement of decking was symmetric about the 
column. The decking was put on the beams after cuts had been made to allow the 
column through the sheeting. The beneficial positions of the studs (see Fig. 5-8) were 
then marked and the beam top flange ground at these positions for proper penetration of 
the stud weld. After through-deck welding of the studs, their heights were measured. 
Then the edge trim for the decking was placed and riveted to the profiled steel sheeting. 
The reinforcing bars were put on top of the mesh that was supported by clip spacers on 
the decking, providing 25mm concrete cover to the main bars. The specimen then was 
ready to be cast. 
The concrete mix was designed as Grade C30P to BS5328(1981) using the sieve 
analysis of aggregates. The mixture consisted of the following: 
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a) Aggregate to BS882(1983) with nominal maximum size of 20 mm, blend of crushed 
and uncrushed, air dried by spreading on the laboratory floor. 
b) Ordinary Portland cement to BSI2(1989). 
c) Tap water from the laboratory. 
The mixture in ratios by mass was 190 : 350 : 600 : 1200 for water, cement, 
fine(less than 5 mm) and coarse(greater than 5 mm) aggregates respectively. Trial mixes 
were made and tested to confirm the design. The measured workability was 50 mm from 
the slump test 
Concrete was made in the laboratory in six mixes per specimen, out of which were 
taken 10 cubes for compression tests and 6 cylinders for tension tests. The 150 mm cubes 
were tested at 7 days, 28 days and on the day of the connection test. The cylinders 
(300xI50 mm diameter) were tested on the same day as the connection test using the 
indirect method of "Splitting Tensile Strength Test" to BSI881(1983). The concrete 
properties are given in Appendix C. 
The slab was cast with the column being supported on the laboratory floor and the 
decking supported on a casting rig. The specimen was cured under a wet hessian, 
together with the samples. Care was taken not to lift the specimen before 12 days. This 
time period had been determined from the tests on samples of the final trial mix to 
provide a minimum concrete strength of 30 N Imm 2 before lifting. Furthermore, the 7 days 
test was performed to check the increase in concrete strength. 
The deflection of the ends of cantilevers was measured at the time of first lifting and 
was found to be in the range of 0.07 to O.lSmm. The specimen was then placed in the test 
rig with the slab (or the upper flange of the beams in bare steel tests) in a horizontal 
position. Side restraints and bottom end restraints were provided. as well as some chocks, 
to hold the arrangement of knife edge and rollers in position. 
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5-1-5-Instrumentation 
The instrumentation used in the tests is shown in Fig. 5-9. It was designed to 
measure the following: 
a) Rotations: Three different methods were used to measure the rotation of the 
connection: 
1) Transducers: An angle section was welded to the top flange of the steel beam 
perpendicular to the flange. A pair of transducers were based on the centreline 
of the column 200 mm apart, facing the angle section. These were to measure 
the horizontal displacements at the top and the bottom of the angle as shown in 
Fig. 5-1O(a). As the connection rotates, the angle section rotates equally. 
Normally, the top of the angle moves away from the column while its bottom 
moves towards the column. Therefore, the sum of these two displacements 
divided by 200 mm gives the connection rotation. In Tests 1-6, the angle was 
positioned as close as physically possible to the end plate such that the flexural 
component of the beam rotation was insignificant. A drawback to such 
arrangement was the reverse curvature of the top flange as shown in Fig. 5-
lO(b), which could affect the results. The tested specimens were inspected. 
Although the length of the region affected by local curvature was measured as 
a maximum of 60 mm, it was found difficult to quantify the error from the 
unloaded specimens after testing. Nevertheless, the extent of flange 
deformation suggested a negligible error. However, it was decided to place the 
angle section further away from this region in the remaining tests. Fig. 5-1O(c) 
shows the displacements measured by a pair of transducers in Test 2, which 
was that most likely to be affected by local curvature of the top flange. 
2) Manual inclinometers: Z-shaped plates with inclinometer points were welded 
to the top flange of the beam as shown in Fig. 5-lO(a). These were used in 
major axis tests, but not enough space was available in minor axis tests. 
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Additional inclinometer points were also placed at the end of each cantilever 
to measure the end rotation of the beams. A reference position on the column 
was provided to measure the column rotation. This measurement was used to 
find all rotations relative to the column centreline. In Tests 1-4 manual 
inclinometers were used on the top of concrete slab near to the column(see Fig. 
5-9). These were to give the connection rotation at the uppermost level of the 
joint. However, their readings were found to be subject to discrepancies. This 
was due to cracking of concrete that could occur between or under the 
inclinometer points. In the latter case, the small plates on which the 
inclinometer was placed for measurement, could tilt, causing error. The 
rotations measured by manual inclinometers in Test I, are plotted against 
moment in Fig. 5-11(a) for comparison. 
3) Electronic inclinometers: From Test 5 onwards, three electronic inclinometers 
were used to measure the rotations directly. An inclinometer was screwed on 
the web of each cantilever in the tension zone, to avoid any secondary effects 
resulting from the web distortion in compression zone. The third inclinometer 
was screwed on the column to measure the column rotation. The rotation of 
each connection relative to the column centreline then could be found from 
algebric sum of the readings. This instrument was found to be a more 
convenient device. It was also more reliable as the manual inclinometer 
readings were subjected to human error. Its resolution was limited though to 
0.02 mrad. The moment-rotation curves of Test 5 using transducers and 
electronic inclinometers are compared in Fig.S-l1(b). As mentioned above. the 
transducers were pointing the angle section which was placed near the end 
plate. Therefore they were potentially liable to error caused by the local 
deformation of top beam flange. Comparison between the results of transducer 
readings and those of electronic inclinometers shows that the former are 
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accurate and can confidently be used. 
b) Loads: Loads were measured by use of two load cells of 500 leN capacity. The force 
in the tie bar of minor axis tests was measured by means of a 100 leN load cell. They 
were calibrated a few times during the test program and found to perform 
accurately. 
c) Strains: The concrete strains were measured in Tests 1-4 by demec points 
distributed in 150 mrn intervals as shown in Fig.5-9. The strain of reinforcing bars 
were measured in Tests 1-4 by YL-type resistance gauges on the surface of the bars. 
Compressive strains of the beam flange and web were measured in all tests except 
Tests 7 and 11. the former by PL-type strain gauges and the latter by PRS-type 
rosettes. 
d) Deflections: Two transducers were used to measure deflections at the end of 
cantilevers directly under the loading points (at 1400 mrn from the column face). 
e) Slips: Horizontal slip at the interface of the concrete slab and the steel section was 
measured by transducers at the ends of slabs. i.e. at 1500 mrn from the column face. 
Interface slip was also measured in Tests 1-4 at 225 mm from the column face but it 
was found to be inftuenced by the deformation of profiled steel sheeting. since the 
transducers were facing a vertical plate attached to the decking. In the description of 
the tests in this thesis. the measured slip at the steel-concrete interface is meant that 
slip at the free end of cantilevers. Vertical slip at the connections was checked by 
the use of two transducers. each being placed as close as possible to the end plate. 
However. their reading included the deflection of the beam and the tilt of the 
specimen. A sudden change in their values was considered to be due to vertical slip. 
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5-1-6-Data Acquisition System 
The instruments were wired to a Solartron Data Acquisition System which was 
connected to a computer. Readings were being taken through up to 50 channels at pre-set 
time intervals of 10 seconds. The information passed from data logger was being 
monitored on the computer screen. This data was also being stored on hard disk. 
The data could be printed in two printouts with one minute intervals whenever 
required. This was to get two prints of one stage of loading to be checked against each 
other. The second of these prints was used in the assessment of tests as the specimen 
settled under the load after one minute of interval. A continuous mode was also provided 
to store and print data continuously in situations at which failure was thought to be 
approaching. The data logging equipment is shown in Plate 1. 
5-2-Testing Procedures 
The moment-rotation curves of all tests are shown in Figs. 5-12 to 5-22. In Figs. 
5-12 to 5-15 (Tests 1-4), the rotations measured by transducers are given. In Figs. 5-16 
to 5-22 (Tests 5-11), the rotations measured by electronic inclinometers are used. The 
moment-rotation curves obtained by other devices in these tests are given in Appendix E. 
Moments are the applied moments by jacks at the column face. 
In all tests, load was applied through two independent jacks. Deflections at the end 
of cantilevers were kept to the same order as long as balanced loading was applied. The 
specimens were initially loaded to 20 kN (28 kNm) on each side, in 5 kN increments. 
They were then unloaded to 5 leN to check the performance of the apparatus. In general, 
load was subsequently applied up to two-thirds of the calculated ultimate resistance of 
the connections, in increments of 10 leN. However, in Tests 1 and 2 the loading was to 
half the calculated resistance. A further exception was that for bare steel connections the 
increment was 5 kN' The crack widths in the composite tests were measured at this stage, 
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from Test 3 onwards. The crack widths are given in Appendix F. The specimen was then 
unloaded to 5 kN to monitor its unloading stiffness. The testing procedure from this stage 
up to failure varied depending on the type of test. 
S-2-1-Major Axis Tests 
In Tests 1-3, the specimens were reloaded first in increments of 10 kN, reduced to 5 
kN as failure approached. 
In Test 4, the specimen was reloaded to above 170 kN (238 kNm), at which fracture 
occurred in a weld to the beam web. The specimen was unloaded completely to permit 
re-welding, after which the loading was applied once more up to failure (in this case of 
the composite beam). 
In Test 7, the specimen was reloaded to 180 kN (252 kNm) in increments of 10 kN, 
and then to 205 kN (287 kNm) in increments of 5 kN. The load was further increased to 
above 210 kN (294 kNm), which was the predicted resistance. Increments of 50 mm in 
deflection at the end of each beam were made from this stage onwards. The loading 
continued until a rotation of 5S mrad was achieved in the north connection. 
Test 9 was a flush end-plate bare steel connection with a predicted maximum load 
of 50 kN (70 kNm). The specimen was reloaded to 70 kN (98 kNm). The jacks were 
then fully unloaded to permit adjustment of the north side loading arrangement. The 
knife-edge was moved 30 mm towards column (accounted for in later calculations). The 
previous load level was restored and loading continued until a rotation of 50 mrad was 
achieved. 
In Test 10, the specimen was reloaded to 280 kN (392 kNm), at which a bang was 
heard. A pause occurred to permit the specimen to be inspected. Vertical slip at the 
column-end plate interface was found to have occurred. The specimen was unloaded to 
decide whether any alteration should be made in the connection. The replacement of 
ordinary bolts with HSFG bolts was considered. The calculation for the resistance of the 
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existing bolts was checked, which confirmed the bolts to be able to carry the maximum 
predicted load. Therefore the bolts were taken out of their position to see if there had 
been any deformation. This inspection was done on the bolts one by one, and although no 
visible change was seen, they were replaced by new Grade 8.8 bolts, as used previously. 
The specimen then reloaded to 295 kN (412 kNm), at which the reinforcement fractured. 
S-2-2-Minor Axis Tests 
In these tests, the specimens were reloaded to two-thirds of the ultimate predicted 
load. Further loading then continued until the onset of failure. This was judged partly 
from successive measurement of crack widths, partly from the moment-rotation curve 
and partly from predictions of resistance. Care was taken to avoid fracture of the mesh, 
which could occur without warning due to its brittleness. 
In applying unbalanced loading, it was required to reduce the load on the 
connection which had reached failure, whilst maintaining constant load on the other 
connection. Tie bars had therefore to be mounted in the appropriate positions (a) or (b) 
shown in Fig. 5-7. 
In Test 5, the out-of-balance was achieved by applying tensile force to the top tie 
bar, accompanied by adjustments to the jacks providing vertical load. This procedure 
continued until a maximum difference of 90 kN in load (125 kNm in moment) was 
achieved, by which stage plasticity had developed in the column. This coincided with 
the end of available stroke in the jack acting on the tie bar. This was followed by a 
reverse procedure to restore balanced loading. 
In this test, despite flattening of the curve from a rotation of 10 mrad onwards, the 
initial balanced load was increased until a rotation of 25 mrad was achieved. This was 
judged to be the minimum rotation capacity required of the connection. Before 
unbalanced loading was applied, both jacks were fully unloaded to permit adjustment to 
the alignment of jacks relative to the rollers beneath, through which load was applied to 
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the slab. The previous level of balanced loading was then restored and only then did the 
unloading of one side commence. After achieving the maximum out-of-balance, 
balanced loading was restored at a load level of 180 kN (252 kNm), and then both sides 
were loaded to failure. 
In Test 6, the same procedure of unbalanced loading was undertaken at a load level 
of 85 kN (119 kNm). This procedure continued until a difference of 70 kN in load (100 
kNrn in moment) was achieved. The reverse procedure was then applied to restore the 
previous maximum level of balanced loading. Once this was obtained, both sides were 
loaded to failure. 
In Test 8, despite possible further load resistance from the connection, the increase 
in load was stopped when the maximum predicted load was reached. The unbalanced 
loading was carried out in the same manner as above. When the difference in loads 
equalled 80 kN (110 kNm), the reverse procedure was undertaken. As the loading 
approached the previous maximum level of balanced load, it became necessary to adjust 
the position of jacks. Both jacks were fully unloaded to permit adjustment. The previous 
level of balanced loading was then restored. Loading continued until failure of the 
specimen. 
In Test 11, the specimen reloaded to 60 kN (84 kNm) at which the unbalanced 
loading applied. The tie bars were mounted and one side of specimen unloaded to 10 kN, 
while the load on the other side was kept at 60 kN. Balanced loading was then restored 
and increased to 75 kN (105 kNm). The specimen was then completely unloaded to align 
the arrangement of load cell and knife edge. It was then loaded to previous level. As the 
specimen tended not to sustain more load, it was unloaded back to 60 kN, and second 
procedure of unbalanced loading carried out. This was to compare the unloading stiffness 
of the connection with that obtained previously, since they corresponded to different 
levels of plasticity. Mter one side had been unloaded to 5 kN, it was loaded again. The 
specimen failed due to the stripping of top bolt row, below 60 kN. 
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5-3-Test Observations 
Plates 2 to 12 show the specimens of Tests 1 to 11 respectively. The results of all 
tests are summarized in Table 5-2. The moment at failure, Me, is calculated at the face of 
the column, including 3 kNm and 1 kNm for the self weight of the slab and steel beam 
respectively. The rotation +c corresponds to the maximum experimental moment and is 
the average between two sides. +ult is the ultimate rotation at failure of the side that 
failed. In minor axis tests, these are given for the side that was unloaded in the 
unbalanced phase. The observed behaviour of the connections are described separately 
for the major and minor axis tests in the following sub-sections. 
S-3-1-Major Axis Tests 
5-3-1-1-Test 1 
Cracking in the slab, running from the toes of the column's flanges, was visible at 
20 kN (28 kNm). As higher load was applied, further cracks, running transverse to the 
steel beams, formed at increasing distance from the faces of the column. At later stages 
of loading, the tendancy was for existing transverse cracks to widen, rather than for new 
cracks to form. Some diagonal and longitudinal cracking was also observed. 
Within the tension zone of the steelwork connection, significant deformation 
occurred to the column flange (first observed at 140 kN (196 kNm» and, to a lesser 
extent, the ftush end plate. Failure occurred due to fracture of reinforcing bars and mesh 
in one composite beam, over half the width of the slab. The associated crack was 
immediately outside the column section. At failure, slight deformation associated with 
local buckling was visible in the lower ftange of the beam. 
Immediately prior to failure, deformation associated with lateral-distortional 
buckling had become visible. Further deformation of this kind was prevented by 
attaching a restraint from the test rig. 
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Negligible slip occurred at the steel beam-slab interface. Negligible deformation 
occurred in the column stiffener. 
5-3-1-2-Test 2 
The development of cracking was similar to that observed in Test 1. Much less 
deformation occurred in the steelwork connection. The most noticeable deformation was 
to the column flanges, which were pulled apart relative to one another. Failure occurred 
by local buckling in the lower flange ~d in the lower part of the web of the steel beam. 
The initial lateral imperfections of the lower flanges had been recorded before 
loading as shown in Fig. 5-23. Lateral displacement of this flange at the end of each 
beam was measured as load was applied. Such displacement became visible at 80% of 
the failure load. Deformation of this kind was prevented by attaching a restraint, before 
failure occurred. 
5-3-1-3-Test 3 
Behaviour was similar to Test 1 except that fracture of the reinforcement occurred 
at a much smaller rotation. First sign of deformation of column Bange was observed at 
120 kN (168 kNm). The cracking pattern in the slab was more limited than in previous 
tests, being restricted to regions of the slab near the column. Lateral-distortional 
deformation was prevented by web stiffeners placed towards the end of each beam. 
S-3·1·4·Test 4 
Cracks were first visible at 20 leN (28 kNm) running from the toes of the column 
flanges. As the load increased, further cracks running transverse to the steel beam formed 
in intervals of the pitch of the sheeting profile (225 mm), see Fig. 5-24. The 
development of transverse cracking was slower and cracks were more limited in number 
than in previous tests. The last new crack formed at 130 kN (182 kNm). At later stages 
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of loading the existing cracks widened and extended towards the slab edges. Cracking on 
the longitudinal centreline of the beam occurred at 100 kN (140 kNm), over the stud 
nearest to the column at both sides. These cracks did not extend further until 150 kN 
(210 kNm). From this stage onwards, they extended rapidly toward the far ends of beams 
while also opening up in width. 
Unexpected cracks appeared around the load points at 140 kN (196 kNm). They 
seemed to be independent from the formation of the other cracks and became more 
significant after the specimen was unloaded and relaxed overnight. At 140 kN concrete 
had become detached from the decking, as found by knocking on the underside of the 
metal decking. 
Signs of beam web buckling became visible when the specimen was reloaded to 160 
kN (224 kNm). Above 170 kN (238 kNm), the load was difficult to maintain and 
attempts at its restoration caused the web of one beam to separate noticeably from the 
end-plate. Further inspection revealed that weld failure had taken place, due to the 
insufficient penetration of the fillet weld. 
The web was rewelded and the specimen reloaded. The cracks around one load 
point widened very noticeably as the load increased. Lateral buckling became visible 
before 160 kN (224 kNm) and the beam flange started to buckle. Deformation of the ribs 
of profiled steel sheeting was also noticeable. Meanwhile, the concrete under the load 
point separated completely from the rest of the slab. resulting in only 5 studs of the 
original 7 being effective. Except for the separate region under the load point. uplift of 
the slab occurred relative to the steel section. The load dropped to 150 kN (210 kNm) 
and further pumping resulted in loss of resistance in the beam. The test was terminated 
at this stage for detailed inspection of the failed zone. 
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5-3-1-5-Test 7 
Cracks were first visible at 20 kN (28 kNm) running from the toes of column flange. 
As the load increased, these extended towards the slab edges. At 60 kN (84 kNm), 
transverse cracks fonned at a distance of about 200 nun from the column face on both 
cantilevers. Further load increments caused new transverse cracks to form. Some of 
these were across the complete width of the slab, but some first formed around the 
longitudinal centreline and then extended towards the slab's edges. The first longitudinal 
crack (130 mm in length) appeared on the north side, commencing at the position of the 
first stud from the column. 
The specimen was unloaded after the crack widths were measured at 130 kN (182 
kNm), and then reloaded to the same load level. At this stage new cracks were found as 
follows: a transverse crack on the south side near the load point; a transverse crack at 450 
mm from the column face; further small longitudinal and diagonal cracks. 
As the load was increased further, new cracks formed in the same manner as 
described above. At 160 kN (224 kNm) some cracks were found around the load point at 
north side. More increase in load caused the cracks to be distributed successively along 
and across the slab, as well as some which connected two parallel transverse cracks. The 
cracks around load points became more noticeable. 
At 180 kN (252 kNm), flange buckling was visible. The longitudinal cracks on the 
centreline had now extended up to 500 mm and 250 mm at the south side and north side 
respectively. Transverse bending of specimen was also visible as shown in Fig. 5-25. 
The longitudinal cracks opened up as the load increased, together with two transverse 
cracks in the vicinity of connection. Web buckling also became visible. 
At the maximum load of 213 kN (298 kNm), flange buckling was significant, 
especially on the north beam. Further pumping of the jacks resulted in greater 
deformation of the beam and fall-off in the load. The test was terminated when a rotation 
of 55 mrad in the north connection was reached. 
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5-3-1-6-Test 9 
The beam at the north end rotated in the plane of its cross section at the initial 
stages of loading. This was considered to be due to the imperfection of steel section 
around the end of the cantilever, as the clear depth between the toes of flanges each side 
of the web differed by 3 mm. The load tended to level the top flange. 
The specimen was loaded to 35 kN (49 kNm), being two-thirds of the calculated 
load. At this level, deformation was visible in the column flanges. It was measured as 1.5 
mm between the top of the end-plate and the column flange. As the specimen was 
unloaded gradually to 5 kN, the gaps closed up. Also the deformation of column flange 
disappeared. 
When the load was restored to 30 kN (42 kNm), the column flange started 
deforming visibly again. At 40 kN (56 kNm), load was found to be dropping during the 
inspection of specimen. The deformation of the column flange became more apparent as 
the load reached 45 kN (63 kNm). The gap between the top of end-plate and the column 
flange was 2.5 mm at this stage. At 55 kN (77 kNm), the gap was 5 mm with significant 
deformation in the column flange and bending in the top bolt row. 
Load was increased in increments as low as 2 kN. As the deformations increased 
further, it was decided to control the deflections rather than the load; increments of 5 mm 
were applied. At an end deflection of 35 mm, signs of deformation of end plate above the 
top bolts were found, corresponding to 63 kN of load (88 kNm of moment). At 55 mm of 
deflection (70 kN of load, 98 kNm of moment), when the test paused for safety checks, 
the gap was 12 mm with a rotation of above 34 mrad. 
After re-positi?ning the jacks, the loading was restored to 70 kN (98 kNm). When it 
reached 73 kN (102 kNm), bending of the top bolts became noticeable and it was thought 
that one of them was stripping. Loading continued until a deflection of 80 mm was 
attained, at which the rotations were 50-55 mrad, a maximum load of 75 kN (lOS kNm) 
having been reached. No signs of distress were found in the steel section. 
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S-3-1-7-Test 10 
In Test 10, there was initially a gap between end plate and the column flange, the 
maximum being 0.8 nun in mid-distance between the two bolt rows. First cracks formed 
at 50 kN (70 kNm) which was much higher than previous tests. These cracks started from 
the toes of column flanges. As load increased, some small cracks formed in the vicinity 
of connection. At 80 kN (112 kNm), previous cracks from the toes of column flange 
extended towards the edges of slab. At 110 kN (154 kNm) and 130 kN (182 kNm), 
complete transverse cracks formed on both sides. They were exactly on the first bar of 
the mesh reinforcement. 
It was at 170 kN (238 kNm) that the first longitudinal crack formed on the 
centreline of north beam near the column. The crack widths were measured at this stage. 
The initial gap between the end plate and column flange was still unchanged. 
During the restoration of load from 5 kN to 170 kN, some short cracks formed 
together with a new transverse crack over the half slab width on the overlap of the 
decking. The column flange appeared to start deforming at 180 kN (252 kNm). At 200 
kN (280 kNm) and 220 kN (308 kNm), complete transverse cracks formed on the second 
and third bars of the mesh reinforcement on both sides. Cracks also occurred on the first 
longitudinal rebars both sides of the column. 
At 245 kN (343 kNm) noticeable deformation of the column flange could be seen. 
As load increased to 250 kN (350 kNm), previous cracks extended, particularly those on 
the rebars. Two complete transverse cracks at a distance of 1100 mm from the column 
face also formed on both sides. 
As more load was applied, the deformation of column flange became significant. 
Load could still be sustained until it reached 280 kN (392 kNm). Continuous pumping of 
the jacks increased load to 284 kN (398 kNm) at which vertical slip occurred at the 
connection interface. This slip was recorded as 4 mm. Load dropped to 189 kN (265 
kNm). This slippage caused cracks in the vicinity of the connection, particularly in the 
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zone between the web and flanges of the column. 
As the specimen was unloaded to inspect the bolts. the deformations reversed in the 
main. During reloading. at 210 kN (294 kNm). some cracks formed around the load 
points. Cracks opened generally. especially the longitudinal ones on the centreline of the 
beams. Load was restored to the maximum that reached previously (284 kN). Some 
diagonal cracks formed at this load level. 
The specimen had difficulty in sustaining more load. At 295 kN (412 kNm) the 
mesh fractured and the load dropped to 275 kN (385 kNm). Continuous pumping 
resulted in the fracture of main rebars across half width of the slab. Load dropped to 140 
kN (196 kNm) and the specimen was then unloaded completely. 
5-3-2-Minor Axis Tests 
5-3-2-1-Test 5 
Due to the stiffness of the minor axis connections. the first cracking only occurred 
after a load level of 40 kN (56 kNm) was reached. A complete transverse crack ran from 
the column flange face and extended across the width of slab. The next cracking (at 60 
kN) occurred at different distances from the column. depending on the side being 
examined (see Fig. 5-26(a». Both cracks at 60 kN (84 kNm) appeared to be on the outer 
edge of the profile rib (Fig. 5-24). The development at higher load levels comprised 
mainly transverse cracks, although some diagonal cracks ran from one transverse crack 
to another. At 170 kN (238 kNm) short cracks formed connecting the toes of column 
flanges and running across the first studs. There was no longitudinal cracking over the 
studs, although a few were observed over rebars. 
During unbalanced loading, the initial cracks opened up, particularly those over the 
first studs. 
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Following the restoration of balanced loading, failure occurred due to fracture of 
reinforcing bars and mesh near the transverse centreline (Fig. 5-26(a» over half the 
width of the slab. This took place immediately after the loading had been re-balanced at 
180 kN (252 kNm). This load was significantly lower than the maximum of 206 kN 
(288 kNm) achieved in the balanced phase of the experiment 
During unbalanced 10i\ding, bending of column had been visible before its 
calculated minor axis elastic resistance moment was reached. At the maximum out-of-
balance, the calculated plastic resistance moment of the column had been attained, 
causing excessive deformation in the column in the vicinity of the concrete slab. Bearing 
against the slab caused crushing of the concrete in front of the toes of the column flanges. 
Due to the configuration of the connections, deformation of the end-plates could not 
be properly seen, nor the column web. Nevertheless, signs of distress around the top row 
of the bolts became visible at 170 kN (238 kNm). The most noticeable deformation was 
the local buckling of the beam's web which began at 140 kN. It increased later and 
resulted in the deformation of beam's flanges at 170 kN. 
After failure, load dropped to 136 kN (190 kNm) on both sides and the test was 
terminated. Negligible slip occurred at the steel beam-slab interface. No visible 
deformation was found in the column when inspected after dismantling, except that in the 
column flanges caused by moment about minor axis in the unbalanced phase. 
5-3-2-2-Test 6 
The formation of cracks is shown in Fig. 5-26(b). The first transverse cracks formed 
close to the column at 25 kN (35 kNm) on the first mesh bar over half the breadth of the 
slab. The crack over the other half was on the mesh at the transverse centreline and 
coincided with the edge of the rib of decking. 
At 70 kN (98 kNm), a complete transverse crack formed at a distance of 1000 mm 
from transverse centreline on the south side. No new cracks appeared in the unbalanced 
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phase except for some small ones near the column. Limited longitudinal cracks formed 
from the toes of column flanges and on the mesh bars before and after the unbalanced 
phase. Comparison with Fig. 5·26(a) for Test 5 (with 1 % reinforcement) shows that very 
limited cracking formed in Test 6. 
Crack widths were measured at 35 kN (49 kNm), 5S kN (77 kNm) and 83 kN (116 
kNm). This measurement was used to assist in deciding on the stage at which unbalanced 
loading should start. 
After balanced loading had later been restored, a bar of the mesh fractured, with 
load dropping from 97 kN (136 kNm) to 86 kN (120 kNm). Pumping the jacks continued, 
causing another bar to fracture and the load to drop to 83 kN. When the remaining bars 
fractured, load dropped to 49 kN (69 kNm). Further deformation of the specimen resulted 
in failure in the top row of the bolts and a drop of load to 28 kN (39 kNm). Inspection of 
the specimen after removal of concrete showed that the top bolts had bent and the thread 
had stripped in the nuts. Bending of the bolts had been found in Test 5, but not stripping. 
The column web was examined, especially around the bolt holes. No signs of 
distress was found in the vicinity of connection. The diameters of the holes were also 
measured and no change was found. Nevertheless, the end·plate was deformed and large 
amounts of strain were apparent around the bolt positions (see Plate 7). Negligible slip 
occurred at the interface of steel beam and the slab, as measured at the end of slab. 
5·3·2·3· Test 8 
The development of cracking is shown in Fig. 5·26(c). The first crack was visible on 
both sides at 30 kN (42 kNm) on the transverse centreline. At 40 kN (56 kNm), short 
cracks appeared around the column flanges. At 50 k.N (70 kNm). the cracks at the toes of 
column flange extended towards the slab edges. As load increased, complete transverse 
cracks formed at both sides on the ribs of profiled steel sheeting. At higher loads before 
the unbalanced phase, new complete transverse cracks formed both sides, the last ones 
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were at 120 kN (S) and 140 kN (N). 
Some longitudinal cracks of limited length occurred on the first rebars close to the 
column, together with some small ones on the second rebars. These cracks extended 
during the unbalanced loading and as the specimen was loaded to failure. 
Failure initially occurred due to fracture in the mesh, and load dropped from 148 k.N 
(207 kNm) to 140 kN (196 kNm). At this stage, signs of local buckling in the beam 
ftange became visible. More load was applied, causing more deformation of the beam 
flange and eventually the fracture of some rebars. Mter this failure, load dropped to 123 
kN (172 kNm), but was then increased to 130 kN (182 kNm) by continuous pumping. 
The test was terminated at this stage. 
Negligible slip occurred at the end of the cantilevers. Signs of straining around the 
bolt positions were found on the end-plate, but to a less extent than in Test 6. 
5·3·2-4· Test 11 
This test was performed to investigate the behaviour of the bare steel minor axis 
connection which formed the steelwork connection in the composite tests. There was 
difficulty in observing the deformation of the steel components in the composite minor 
axis tests, particularly in unbalanced phase. With the concrete slab omitted, it was hoped 
that these deformations would be visible. 
An initial imperfection existed in the end plates as a result of welding. The gaps at 
the top of the end plates between the column web and the middle of end plate were 
initially measured as 0.35 mm and 1.25 mm for south and north connections respectively. 
The gaps were frequently measured during the test. 
The specimen was loaded to 42 kN (59 kNm), being two-thirds of the calculated 
resistance. At this load level, the gaps between the end plates and the column web were 
measured as I.S nun (S) and 2.3 mm (N). As the specimen was unloaded gradually to 5 
kN, the gaps closed to the initial values. 
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When the load was restored to 42 kN, there was still no sign of distress on the end 
plate around the top bolts. As load increased to 50 kN (70 kNm), the first signs of strain 
appeared on the end plate and the load found to be dropping slightly during the 
inspection of specimen. 
As load reached 60 kN (84 kNm), which was higher than the calculated resistance, 
unbalanced loading was commenced. The gaps were 2.6 mm (S) and 3.8 mm (N) at this 
stage, but from now on their values were influenced by bending of the column. 
After balanced loading was restored and more load applied, the specimen sustained 
the load until it reached 75 kN (105 kNm). Load then began to drop rapidly as further 
deformation of the end plate was observed. The second phase of unbalanced loading 
commenced after fall of load to 60 kN (84 kNm). 
The specimen was later reloaded to restore the balanced loading, but as this was 
approached, the bolts stripped in the nuts and the test was stopped for safety. There was 
no device mounted on the bolts to measure their change in length. Viewing inside the 
gaps from the top of the connections showed some extension in the bolts. The projected 
length of the bottom bolts could be compared with those of top bolts showing a 
difference of 5 mm. Maximum rotation was in the order of 22 mrad. 
S-4-Material Tests on Steel Sections and Reinforcement 
The tensile tests were carried out on the samples taken from the steel sections after 
the experiments. The elongation tests were performed for mesh and reinforcing bars. The 
material test results are given in Appendix C. 
S-4-1-Steel Sections 
The steel samples were prepared according to BS436O( 1986) and tested to 
BS 18( 1987). 
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The samples were taken from the beams used in the connection tests, from zones 
not affected by heat, buckling or yielding. A length of each beam was first sawn. Two 
coupons were machine cut from the bottom flange and two coupons from the web. The 
top flange had been affected by the stud welding, therefore no sample was taken from the 
top flange. However, the bottom flange of the beam had been in compression and 
subjected to local buckling. Hence its strength was needed for calculation of buckling 
resistance. 
The samples of the steel column sections were taken from the remaining sections in 
the batch. Two coupons were machine cut from each column flange and two from the 
web. 
The position and dimensions of the coupon samples are given in Fig. 5-27. 
5-4-2-Reinforcement 
Further tests were carried out on reinforcing bars and mesh in addition to the initial 
tests for their yield strength. 
The samples of T12 bars were prepared according to BS4360(l986) and tested to 
BS 18( 1987). Their standard length was first calculated and the samples were cut from the 
bars in the batch. The elongation test was performed for four Tl2 bars. The results of 
extension at fracture were around 17%. 
Four samples were taken from the A142 mesh bars and prepared according to 
BS4545(1970). The elongation test was carried out on these samples. They appeared to 
behave in a very brittle manner, their elongation being of the order of 2%. 
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Table 5-1, Summary of the test programme 
TEST COLUMN REINFORCEMENT SHEAR LOADING 
NO. AXIS PERCENTAGE CONNECTION TYPE 
1 MAJOR 1% FULL SYMMETRIC 
. 
2 MAJOR 1% FULL SYMMETRIC 
. 
3 MAJOR 0.5% FULL SYMMETRIC 
4 MAJOR 1.5% PARTIAL SYMMETRIC 
5 MINOR 1% FULL ASYMMETRIC 
6 MINOR NOMINAL FULL ASYMMETRIC 
7 MAJOR 1.5% PARTIAL SYMMETRIC 
8 MINOR 0.5% FULL ASYMMETRIC 
9 MAJOR - - SYMMETRIC 
10 MAJOR .1% FULL SYMMETRIC 
11 MINOR - - ASYMMETRIC 
* The reinforcement percentage is the ratio of the area of main reinforcement to the area of 
concrete above the ribs of decking. 
** Symmetric loading refers to the balanced loading from the beginning to the end of test. 
Asymmetric loading means that first balanced loading was applied to the specimen, then 
one side was unloaded and reloaded back to the situation prior to unbalanced loading, 
which was followed by balanced loading to failure. 
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Table 5-2. Summary of the test results 
TEST COLUMN REIN- Me 
'e 'wI MODE OF 
NO. AXIS FORCEMENT (kNm) (m rad) (m rad) FAILURE 
FRACTURE OF 
1 MAJOR 1% 262 28.0 35.8 MESH PLUS 
REBARS 
LOCAL BUCKUNG 
2 MAJOR 1% 291 20.0 40.0 OF BOTTOM 
BEAM FLANGE 
FRACTURE OF 
3 MAJOR 0.5% 179 15.7 26.6 MESH PLUS 
REBARS 




5 MINOR 1% 293 22S 22S MESH PLUS 
REBARS 
FRACTURE 
6 MINOR NOMINAL 138 2.8· 11.0· OF 
MESH 
LOCAL BUCKUNG 
7 MAJOR 1.5% 302 22.7 55.7 OF BOTTOM 
BEAM FLANGE 
FRACTURE OF 
8 MINOR 0.5% 207 4.8· 14.2· MESH PLUS 
REBARS 
DEFORMATION 
9 MAJOR . 105 55.a+ 55.8+ OF 
COLUMN FLANGE 
FRACTURE OF 
10 MAJOR 1% 416 14.0 14.0 MESH PLUS 
REBARS 
DEFORMATION OF 
11 MINOR . 105 22.0 22.0 END PLATE AND 
BOLT STRIPPING 
* These values were measured on the side with lower load in the unbalanced phase. 
+ In Test 9 (bare steel) the load on the specimen could still increase but test stopped due to 
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Fig. 5-3, Arrangement a/minor axis tests (Tests 5,6 and 8) 
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Fig. 5-6, Notation used in calculation of resistance moment 
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Plate 1, Data aqui ition ystem and loading arrang men! 
(a) Deformation of Connection (Test 1) 
(b) Crack pattern (Test 1) 
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Plate 2, Deformation of connection and crack pattern in concrete slab (Test 1) 
(a) Deformation of connection (Test 2) 
( b) Crack pattern (Test 2 , North side) 
Plate 3, Deformation of connection and crack pattern in concrete slab (Test 2) 
(a) Deformation of connection (Test 3) 
(b) Crack pattern (Test 3, North side) 
Plate 4, Deformation of connection and crack pattern in concrete slab (Test 3) 
(a) Crack pattern (Test 4, South side) 
(b) Uplift of concrete slab (Test 4, South side) 
Plate 5, Crack pattern and uplift of concrete slab (TesI4) 
(a) Local buckling of steel beam (Test 5) 
(b) Cracks atfailure (Test 5) 
Plate 6, Local buckling of steel beam and concrete cracks at failure (Test 5) 
(a) Signs of strain in end plate (Test 6) 
(b) Deformation of end plate (Test 6) 
Plate 7, Signs of strain and deformation of end plate (Test 6) 
(a) Local buckling of beamjlange and web (Test7, North side) 
(b) Crack pattern (Test 7, North side) 
Plate 8, Buckling of steel beam and crack pattern in concrete slab (Test 7) 
(a) Specimen before casting (Test 8) 
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(b) Crack pattern (Test 8) 
Plate 9, Specimen before casting and crack pattern in concrete slab (Test 8) 
(a) Rotation measurement (Test 9) 
(b) Deformation of connection (Test 9) 
Plate 10, Rotation measurement and deformation of connection (Test 9) 
(a) Deformation of connection (Test 10) 
(b) Crack pattern (Test 10) 
Plate 11 ,Deformation of connection and crack pattern in concrete slab(Te t 10) 
( a) Minor axis bare steel specimen during test (Test 11) 
( b) Signs of strain in end plate (Test 11) 
(Note deformation around holes of top row of bolts) 
Plate 12, Minor axis bare steel specimen and end plate after test (Test 11) 
(a) Specimen after removal of concrete slab (Test 4, South side) 
(b) Concrete cone around the stud (Test 4, South side) 
Plate 13, Specimen after removal of slab, and concrete cone (Test 4) 
Plate 14, Deformation of stud connector (Test 4) 
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ASSESSMENT OF TEST RESULTS 
The testing procedure and test observations have been described in Chapter 5. In 
Chapter 6, the results obtained in the tests will be discussed in detail. 
The methods used in the calculation of resistances will first be explained. The 
calculated resistances are given in Appendix 0 using the measured dimensions and 
material properties. The following are given: the resistances of the components of 
steelwork connection; the moment resistance of the steel and composite connection; the 
moment resistances of the steel beam and the composite beam. In calculation of the 
moment resistances of the composite connection and the composite beam in hogging 
bending, it is assumed firstly that only the rebars are effective and secondly the rebars 
plus the mesh. For the sagging moment resistance of the composite beam, the mesh 
reinforcement is ignored. In order that comparison can be made with the test results, no 
partial safety factor was applied to these calculated values. The summary of the 
resistance moments is given in Table 6-1. 
In later sections of this chapter, the experimental results will be studied, with the 
experimental values being compared with the calculated resistances. The major and 
minor axis tests will be treated separately and the influence of parameters varied in the 
tests will be presented. The experimental behaviour of the connections will be compared 
with the classification boundaries of joints given in Be3 and BC4. Comparison will also 
be made between the tests conducted by the author and the similar tests elsewhere. The 
- 207-
subject of column stability will be investigated using the results of the minor axis tests. 
6-1-1-Resistance Moment of Steel Connection 
The tensile resistances of the components of the steelwork connection were 
calculated using Annex J of EC3. The resulting moment resistance based on the weakest 
component was then determined assuming that the tensile forces acted at the level of the 
upper bolts. In general, for an extended end plate connection, assuming Rb 1 as the tensile 
resistance of the zone between beam flanges, and Rb2 as the tensile resistance of the 
extended part, the resistance moment will be: 
(6.1) 
In the case of flush end plate, the second term in Eqn. (6.1) is omitted. 
6-1-2-Resistance Moment of Composite Connection 
The procedure of calculating the resistance moment of composite connection with a 
flush end plate has been described in 5-1-2 and Fig. 5-6. For an extended end plate the 
formula for the resistance moment of the composite connection can be written as: 
(6.2) 
It is apparent that this can also be applied to a flush end plate connection by setting 




6·1·3·Resistance Moment of Steel Beam 
The plastic resistance moment of the steel beam was calculated taking account of 
the different yield strengths of the web and the flanges. The web and the flange of the 
beam sections were checked to BSS9SO:Pt 1 with their measured strengths and found to 
be Class 1 Plastic. Therefore the beam sections were capable of developing the full 
plastic moment resistance, with substantial rotation capacity. 
6·1·4·Resistance Moment of Composite Beam 
The resistance moments and classification of the composite beam sections have 
been determined in accordance with Appendix B of BSS9SO:Part 3.1, for both sagging 
and hogging bending, assuming full shear connection. In this appendix, where the web is 
in Class 3, an effective depth of web is assumed in compression, and treated as Class 2. 
The sheeting and tensile strength of concrete were neglected in calculating the negative 
moment resistance. The mesh reinforcement was ignored in determining the resistance of 
the composite beam in positive bending. 
In calculating positive moment resistance of the composite beam, first the modified 
compressive strength taking account of the parabolic shape of the stress block was taken 
from Kong & Evans( 1987) as: 
fCU.mod..IJ.67(1- sfi )fcu (6.4) 
Secondly, the value of 0.67/cu given in BSS9SO:Pt 3.1 was assumed for the concrete 
strength in compression and the results were compared. The former gave the sagging 
resistance moments about 1 % less than the latter. The lesser values of resistance 
moments are given in Appendix D and Table 6·1. 
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6-1-5-Predicted Resistance Moment of Connection 
The lower of the hogging resistance for the composite beam and the resistance of 
the composite connection (both including mesh) has been taken as the calculated 
resistance. This is compared with the experimental value in Table 6-2. In this table, the 
mode of failure is also given, which in all cases except one was as the predicted mode. 
The exception was Test 4 in which premature weld fracture interrupted the test. In most 
cases, first sign of failure was observed in a connection component which was followed 
by failure of another component. Table 6-3 presents the resistance moments in non-
dimensional form, relative to the calculated positive resistance. 
6-2-Analysis of Test Results 
The moment-rotation curves of all tests have been given in Figs. 5-12 to 5-22. In 
this chapter, where comparison is made between tests, or with Eurocodes' classification, 
the moment-rotation curves have been "smoothed out" by excluding the unloading and 
reloading parts. The variation of strains in the reinforcement with the applied moment is 
given in Appendix E. In all these curves, the moment is that produced by the applied load 
at the column face. 
The classification of composite beams in hogging bending has been checked 
according to BS5950:Pt 3.1. The results are tabulated in Table 6-4. 
6-2-1-Major Axis Tests 
6-2-1-1-Test 1 
The moment-rotation curves of Test 1 have been given in Fig. 5-12. In this test, the 
critical component was the column flange in tension. As the deformation of column 
flange developed, strain in the reinforcement increased. At the calculated maximum load, 
the strain gauges on the rebars showed between 9 to 12 mE, and one of them increased to 
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about 20 mEat the next increment. The gauges were found to have passed their strain 
limit when a further increment was applied. By this stage the column flanges had 
deformed significantly. Therefore failure was initiated by the column flange which was 
followed by the fracture of rebars. However,limited flange buckling was observed as the 
resistance moment of the composite beam was close to that of the connection. Hence, the 
bar fracture may also be considered as the result of the attainment of the beam's 
resistance. 
Due to the position of the plastic neutral axis, the web was classified as Class 3. 
6-2-1-2-Test 2 
The moment-rotation curves of Test 2 have been given in Fig. 5-13. 
Reference to Table 6-1 shows that the resistance moment of composite connection 
is slightly greater than that of the composite beam. The failure mode was then predicted 
to be the beam's bottom flange in compression. 
As a much stiffer steelwork connection was utilized, the rotation was modest before 
buckling of the steel section began. The initial stiffness was twice that of Test 1. Since 
failure was by local buckling of the steel beam, deformations of the end plate and the 
column flange were not large and the mesh and the reinforcement did not fracture. 
Comparing the moment-rotation curves of Tests 1 and 2 in Fig. 6-1, it is seen that 
the stiffer steelwork connection does not increase the moment resistance of the composite 
connection by an amount equal to the difference in the resistance of the steel 
connections. Comparison between the strains in rebars shows that at loading stages 
corresponding to the same joint rotations, the strains of Test 2 were much lower than 
those of Test 1. Therefore, the buckling of the steel beam in Test 2 was not associated 
with bar fracture. For Test I, in contrast, the failure of the steelwork connection as a 
result of the column flange deformation was associated with bar fracture. It can be 
concluded that the resistance of the steelwork connection did not develop fully in Test 2. 
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The difference of 30 kNm between observed maximum moments in Tests 1 and 2. 
compared to the difference of 60 kNm in the calculated moment resistance of their 
steelwork connection, is due to this fact. 
Comparison also shows that the resistance of the specimen in Test 2 decreased as 
buckling occurred, while in Test 1 the load could be sustained with greater rotation. until 
the reinforcement fractured. It can therefore be concluded that the use of a full strength 
connection can improve the moment resistance of the composite joint. but its rotation 
capacity will be influenced by any tendency to local buckling in the steel beam. 
It will be seen later that the amount of reinforcemont does not influence the initial 
stiffness of the connection significantly. The use of a less reinforced slab with a stiffer 
connection. such as extended end plate in comparison with flush end plate, may result in 
the same order of the joint stiffness. but failure may occur in the reinforcement. It is also 
noteworthy that if the column of Test 1 had been stiffened in tension zone, a behaviour 
similar to that of Test 2 could have been expected, as the limited deformation of the 
column flange would not have caused the reinforcement to fracture. However, 
experimental evidence is needed for these cases. 
6-2-1·3-Test 3 
The moment-rotation curves of Test 3 have been given in Fig. 5-14. Test 3 is an 
example of a partial strength and less rigid connection. Due to the lower percentage of 
reinforcement, it was much weaker than the connection of Test I, although a similar flush 
end plate joint was used. Both its moment resistance and rotation capacity were about 
two-thirds of those of Test I, limited by the fracture of the mesh and rebars. In this test, 
only one rebar fractured first, but rotation still increased under almost constant load until 
a further bar fractured. This can be seen from the moment-rotation curve in Fig. 5-14. 
Due to the amount of reinforcement, the composite beam was Class 2 Compact, 
with the plastic neutral axis in the web. The beams of Tests 1 and 2 were not Compact as 
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their plastic neutral axes were in the upper steel flange. 
The maximum possible moment and rotation capacity of a composite connection 
comprising the flush end plate steelwork joint was not utilized in this test. The additional 
reinforcement adopted in Test 1 improved the rotation capacity and moment resistance of 
the connection significantly. 
6·2·1·4·Test 4 
The moment·rotation curves of Test 4 have been given in Fig. 5·15. In this test, the 
critical component according to Annex J of EC3 was the column flange in tension. The 
composite beam was Class 3. The presence of a high amount of reinforcement shifted the 
plastic neutral axis further up into the upper flange. 
The values of resistance moment of composite connection given in Table 6·1 have 
been found assuming that the shear studs in the hogging region could develop their full 
characteristic resistance, as recommended by EC4. Therefore the value of R, in Eqn. 
(6.2) is the tensile resistance of the bars. If R, is taken as the maximum shear resistance 
of 7 stud connectors using BS5950:Part 3.1, with their characteristic resistance value in 
Grade 40 concrete corrected by the ratio of 0.6/0.8 for negative bending, the moment 
resistance of composite connection will be 252 kNm. The reduction factor k for 
connector resistance with profiled steel is 1.0. 
After the removal of the concrete around the studs, the 6th and 7th studs were found 
to have remained straight, while the rest had been bent severely, as shown in Plate 13. 
This implies that only the remaining 5 studs had been effective. The moment resistance 
of the composite beam was then calculated assuming that the reinforcement had been 
carrying a force equal to the shear resistance of a group of 5 studs. This moment is close 
to the maximum moment achieved in the test. 
The concrete locked around the studs was in the form of a cone as shown in Fig. 6·2 
and Plate 13. It was crushed in compression where it had been pushed by the stud against 
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the rib of decking. The defonned shape of stud is shown in Plate 14. 
The following were observed in the test: uplift of concrete from the steel deck, 
splitting of concrete along the longitudinal centreline and local failure around the load 
point. The cause of these could have been due to the following: 
a) lack of end anchorage of the reinforcing bars, 
b) longitudinal shear failure in the slab associated with the studs, 
c) inverted punching failure around the studs due to incompatibility of the stiff slab 
and flexible steelwork. 
Because of the local failure around the load points (which started at 140 kN). the 
applied load was thereafter acting on the steel beam directly through the part of concrete 
held under the load point. This case may occur in practice where a column is supported 
by a steel beam in a composite structure, particularly at the end of a cantilever. The 
punching failure of a concrete slab subjected to concentrated load has been studied by 
Johnson & Arnaouti(l980). The shapes of the failure surfaces were similar to those 
observed in Test 4 at the load points. 
The splitting of the concrete slab can be considered as a result of shear failure along 
the connectors and the lack of transverse flexural stiffness. Considering a composite 
floor supported by secondary beams, the parts of floor across the secondary beams are in 
hogging bending, whilst the regions between these zones are in sagging bending. 
Adequate transverse flexural stiffness is required to resist this transverse bending. 
In the case of the isolated composite slab of the tests, the shear lag that existed 
across the slab width caused a transverse bending in the slab. As the connection defonns, 
the longitudinal bars placed close to the column are subjected to more tensile force than 
those away from the column. Their extension is then more, and therefore the length of 
the edge bars are less than the middle ones. The slab length at the edges tends to remain 
unchanged as the deflections increase. This causes the slab to bend transversely. The 
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transverse reinforcement would decrease the shear lag effect and prevent the splitting of 
concrete slab. 
It is deduced from the above discussions that the transverse reinforcement shown in 
Fig. 6-2 can be adopted to improve the behaviour of concrete slab in shear, punching and 
transverse bending. 
The behaviour of the connection in this test was not representative of a highly 
reinforced flush end plate connection due to the premature fracture of the weld and the 
later failure of concrete slab. A repeat of this test was therefore undertaken with 
provisions to prevent any local failure: 
6-2-1-S-Test 7 
Test 7 was the repeat of Test 4 but with alterations in reinforcement detailing. They 
were as follows (see Fig. 5-5): 
a) end anchorage provided by bends to the end of longitudinal bars, 
b) transverse bars with end bends, 
c) diagonal bars with hooks. 
It is believed that the high amount of longitudinal reinforcement requires an 
appropriate amount of transverse bars. For the design of reinforced concrete slabs, codes 
of practice including BS811O(1985) have recommended a minimum amount proportional 
to the main bars. The minimum amount of transverse reinforcement in composite slabs 
recommended by BS5950:Part 3.1 is usually satisfied by the mesh reinforcement and the 
profiled steel sheeting. Improvement in the behaviour of composite slabs with additional 
transverse bars has been reported by Bemuzzi et al( 1991). 
The moment-rotation curve of Test 7 has been shown in fig. 5-18. As described 
earlier, the specimen did not fail prematurely. The specimen sustained the maximum 
predicted load based on the resistance of the composite beam until a significant rotation 
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capacity was achieved. The mode of failure was not in longitudinal shear, but in local 
buckling of the compression flange, as predicted by calculation. 
Comparing the crack pattern in Test 7 with 1.5% reinforcement, to those in Tests 1 
and 3 with 1% and 0.5% reinforcement respectively, it can be concluded that the cracks 
in a more reinforced slab are more in number than in a less reinforced slab. This can 
influence the extent of redistribution of moments. However, the sum of crack widths in 
Tests 1,3 and 7 under serviceability load (given in Appendix F) increased as the amount 
of reinforcement decreased. 
Large deformation of one or more of the steel components by bending or local 
buckling, rather than sudden failure of the slab components, is the preferable failure 
mode because no sudden drop in resistance occurs. The connection of Test 7, like Test 2, 
is an example of such behaviour. By providing a high amount of reinforcement in Test 7, 
the behaviour of the extended end plate used in Test 2 was approximately repeated. The 
maximum moment in Test 2 was slightly higher than in Test 7, but their stiffnesses are 
comparable. 
6-2-1-6-Test 9 
The critical component in this bare steel flush end-plate connection was predicted to 
be the column flange in tension. The second lowest resistance was that of the end-plate 
in tension. The failure mode in practice confinned these predictions, by observation of 
the deformations of the components. 
Fig. 5-20 shows the experimental curve of Test 9. Also shown on the plot is the 
moment-rotation curve obtained by using the method given in Annex J of EC3. It is 
concluded that this method underestimates the stiffness of the connection, as well as its 
ultimate resistance. The design resistance obtained by this method is safe and the 
conservative result obtained might be considered to be due to the idealisations of the 
calculation models, including the neglect of strain-hardening. The predicted and the test 
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resistances are compared in Table 6·2. 
Among the tests on steel major axis joints for which sufficient data is available. the 
test conducted by Ostrander(l970) is similar to Test 9. The moment-rotation curves of 
these two tests are compared in Fig. 6-3. It is seen that in the absence of experimental 
data for a particular connection. results obtained from similar tests can be used. 
In Fig. 6-4 the moment-rotation curve of Test 9 is compared with the curves 
obtained from formulae given by Frye & Morris(1975) and Benterkia(1991). Frye & 
Morris have given a set of formulae for different types of steel connections including end 
plate joints to stiffened and unstiffened columns. These have been described in Chapter 
3. As shown in Fig. 6-4 (curves "A" and "B"). the formula proposed by Frye and Morris 
underestimates the connection stiffness and resistance. If the beam depth (suggested by 
Goverdhan(1984» is substituted for the distance of extreme bolt rows (as used by Frye 
and Morris). the result will be curves "c" and "0" shown as "Modified Frye & Morris" in 
Fig. 6-4. It is seen that even the modified formula for unstiffened joint overestimates the 
connection resistance. 
The connection of Test 9 was stiffened in the compression zone and unstiffened in 
the tension zone. The calculations given in Appendix A shows that stiffening the 
compression zone altered the mode of failure from the column web in compression to the 
column flange in tension. A direct comparison of experimental M -+ curve with that of 
Frye & Morris may not therefore be straightforward. However. for a connection stiffened 
in compression zone but unstiffened in tension zone. the author suggests that the distance 
between the top bolt row and the centre of bottom ftange be taken as the value of d in the 
Frye & Morris formula for stiffened joint. Thus. the lever arm of the connection forces 
will be used. The resulting curve is then that shown in Fig. 6-4 as "Author". 
The Fonnula given by Benterkia is illustrated in Fig.6-S. The resulting curve is 
shown in Fig. 6-4 as curve "E". This fonnula underestimates both the stiffness and 
strength of a connection stiffened in compression zone, but it is very close to the EC3 
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method for prediction of behaviour of such connection. 
The order of rotation capacity thought necessary for the plastic design of semi-
continuous frames has been achieved in this test. A rotation of more than 50 mrad could 
be reached without deterioration of the moment resistance. 
In Fig. 6-6, the non-dimensional moment-rotation curve of Test 9 is compared with 
the boundary defined in EC3 for braced frames. The beam span Lb has been taken as 6.0 
m and MPI.Rd as the plastic moment resistance of steel section with a yield strength of 275 
N Imm 2• The connection of Test 9 is clearly semi-rigid and partial strength according to 
this code. 
In almost all tests on the composite connections by the author, the experimental 
moments are higher than the predicted moments (Table 6-2). Test 4 is an exception in 
which premature failure occurred due to the weld fracture and local failure. It is seen 
from Test 9 that the calculation of the resistance of the steel joints to BC3 is a significant 
underestimate of the experimental value. 
Calculations were performed for Test I, assuming that the steelwork connection 
attained its maximum experimental resistance of 105 kNm. The corresponding values of 
Rb and then the depth x (Fig. 5-6) were calculated assuming that R, was equal to the 
maximum tensile resistance of the bars. The moment capacity of the composite 
connection was then calculated as 231 kNm and 246 kNm excluding and including mesh 
respectively. Comparing these values with experimental value of 262 kNm, it is 
concluded that the maximum capacity of the steelwork joint had been utilized in Test 1. 
The rebars had fractured after the attainment of the resistance of the steel connection. 
The assumption of a stronger steelwork connection increases the value of Rb which in 
turn will increase the value of x (see Fig. 5-6). When Eqn. (6.2) is used to determine the 
moment resistance of the composite connection, the increase in the value of x will partly 
cancel the beneficial effect of additional tensile resistance. 
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Similar calculations were performed for Test 3 in which the mode of failure was the 
same as in Test 1. The values of 181 kNm and 209 kNm were then found for the 
resistance of composite connection excluding and including mesh respectively. These 
are compared with the experimental value of 179 kNm. It can be concluded that the 
maximum capacity of the steelwork connection had not been employed in Test 3, and the 
rebars fractured before the attainment of the resistance of the steel connection. 
The amount of reinforcement used in Test 1 proved to be preferable in utilizing the 
maximum resistance of the steelwork joint 
6-2-1-7-Test 10 
The moment-rotation curve of Test 10 has been shown in Fig. 5-21. The weaker 
components were the column flange in tension and the reinforcement. The predicted 
maximum load was 292 leN, greater than the shear resistance of the bottom bolt row. 
Therefore the remaining shear had to be resisted by the top bolt row. The situation at 292 
kN was as follows: 
vertical load 
characteristic shear resistance per bolt row 
shear to be resisted by top bolt row 
maximum predicted tension per bolt row 






The interaction of shear and tension in the top bolt row can be written in accordance with 
EC3 as: 
~ + ~ « 1.4 
Therefore the characteristic resistance of the bolts was adequate. The friction between 
the end plate and the column flange was overcome at this stage (292 kN), but not the 
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capacity of the bolts. The maximum compressive force between these plys were about 
810 kN, implying a friction coefficient of 0.36. This value can be compared with the slip 
factors given in EC3. These vary from 0.50 for Class A surfaces to 0.20 for Class D 
surfaces. The value of 0.36 lies within the slip factor of Class B-C surfaces according to 
EC3. 
A limited rotation capacity was observed in Test 10, being of the order of 14 mrad. 
The connection was stiffer than other tests using a less deep section but with the same 
amount of reinforcement. namely Tests 1.2 and 5. The behaviour of these connections 
are compared in Fig. 6-1. 
The ductility of reinforcing bars met the requirement of BS4449( 1988). the 
elongation at fracture being of the order of 17%. The extension of the bars in Tests 1 and 
10 can be calculated at failure by using the position of plastic neutral axis and the 
rotation of connection at maximum load. These rotations are 28 mrad and 14 mrad which 
give the extensions of 7.24 mm and 6.30 mm for Tests 1 and 10 respectively. Assuming 
mesh is also effective. the extension of rebars will be 5.52 mm and 5.71 mm respectively. 
These values show that although the rotation capacity of Test 10 is half of that of Test I, 
fracture of reinforcement occurred at the similar levels of strain (as expected). due to the 
shift in the position of the neutral axis. 
The composite beam was in Class 3 as the web was not compact. It is clear from 
Test 10 that where the steel beam is deep, a low amount of reinforcement would result in 
poor ductility of the composite connection. Therefore a criterion for choosing an 
appropriate reinforcement detail should be based on the cross sectional properties of steel 
section. and the position of plastic neutral axis of the composite section. This matter will 
be discussed later in this chapter. 
The crack pattern of Test 10 was similar to that of Test 1, except for the number of 
transverse cracks in the vicinity of the joint, which was 50% more in Test 10. Also a 
complete longitudinal crack occurred on the centreline of the specimen in Test 10. This 
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implies that the formation of cracks is not dependent only on the amount of 
reinforcement. but also on the influence of the steelwork components. 
Prior to failure. the stiffness of the connection both in loading and unloading. was 
still close to the initial stiffness of the joint. This is in agreement with the lack of ductility 
in this test. 
6·2·2·Minor Axis Tests 
. 6·2·2·1·Test 5 
The moment-rotation curve of Test 5 has been given in Fig. 5-16. In this test. the 
critical component under balanced loading was predicted to be the end-plate in tension. 
The calculation was performed using Annex J of EC3 but ignoring failure modes 
irrelevant to minor axis connections. The resistance moment of the connection was 
therefore based on the ultimate resistance of the end-plate. The corresponding maximum 
vertical load· applicable to the beam was then used to check the resistance of the bolts in 
shear and bearing. The shear resistance proved to be sufficient as the bolts were in double 
shear. The bearing capacity of neither bolts nor the column web was satisfactory. It was 
assumed however that although ordinary bolts had been used, the friction resulting from 
the compression forces in the beams could assist in resisting vertical shear. 
Following testing and after removal of concrete slab, the column web and the bolts 
were examined (see Plate 15). No distortion was visible and no change in the hole 
dimensions was found. Plastic deformation was visible in the bolts from the top row and 
they were loose when unscrewed. The reason was that in unloading the specimen, the end 
plates relaxed but the irreversible strain in the bolts remained (see Fig. 6-7(b». 
Comparing M -+ curves in Fig. 6-1 for Tests 1 and 5, both having the same end plate 
and reinforcement, it is clear that the connection to the column flange (Test I) is more 
flexible than that to the column web (Test 5). The ultimate resistance of the former is also 
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less, as expected. Nevertheless, their rotation capacities are comparable. The stiffness of 
the connections of Test 5 is similar to the extended end plate connection of Test 2 with 
the same reinforcement detail, as shown in Fig. 6·1. The reason is that the deformation 
of column flange was limited in Test 2 by using an extended end plate joint. 
6·2·2·2· Test 6 
The moment-rotation curve of Test 6 has been given in Fig. 5·17. It is seen that the 
rotation capacity of the connection is very small due to the brittleness of the mesh 
reinforcement. In Test 6, after the mesh had fractured, the connection could virtually be 
considered as a minor axis steel connection in which the critical component would be 
the end-plate in tension. Although high levels of strain were evident on the end-plate, the 
cause of failure was stripping of the bolts. 
The bolt failure is thought to be as the result of the prying action of the end-plate. 
since the bolt resistances were much higher than the applied force. The calculated 
characteristic resistances of one bolt and the connected ply are as follows: 
a) bearing resistance: 
resistance of bolt 155 kN 
resistance of column web 74 kN 
b) shear resistance: 
resistance of bolt 92kN 
c) tension resistance: 
resistance of bolt 176kN 
For comparison, the total vertical load from both jacks was less than 200 kN. 
assumed to be resisted by the two bottom bolts. The maximum tensile force caused by 
the maximum moment was 296 kN, shared by the two top bolts. After dismantling the 
specimen, there was no sign of distress due to bearing, punching or bending on the 
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column web, confinning the adequacy of the bottom bolts. In addition to the capacity of 
the bolts in shear and bearing, it is recognised that vertical shear could alSQ be resisted by 
the friction resulting from the compression forces in the beams. 
6-2-2-3-Test 8 
The moment-rotation cUl'Ye of Test 8 has been given in Fig. 5-19. In this test, the 
reinforcement was again the cause of failure. After the test, the top row bolts were loose 
when unscrewed. As mentioned earlier, the reason was that in unloading the specimen, 
the end plates relaxed. With column flange deformation not present, due to the minor axis 
form of the connection, it had been expected that the end-plate would be the critical 
component of the steel connection. The observed limited local buckling of the beam 
flange was not expected prior to the actual test as the connection was partial strength. 
The connection of Test 8 possessed a very limited rotation capacity. This is due to 
the lack of ductility in the overall reinforcement (rebars plus mesh). 
6-2-2-4-Test 11 
The moment-rotation characteristic of Test 11 is plotted in Fig. 5-22. The weaker 
components in this test were the end plate and the bolts in tension. The stage at which 
unbalanced loading commenced was intended to be the same level of applied force to the 
bolts as in Test S. This was to enable the results of Test 11 to be compared with Test 5. 
To determine this load, the moment at which the unbalanced loading started in Test 5 
was taken. The force in the top bolt row, Rb • was then calculated. The applied load on 
the specimen of Test 11 was determined as 60 leN if the force in the top bolt row was 
equal to Rb. 
The moment-rotation curve of Test 11 is presented in non-dimensional form in Fig. 
6-6. It is compared with the boundary defined in Be3 for braced frames. The initial 
stiffness of the connection of Test 11 lies in the rigid region of the graph. This 
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connection is partial strength according to this code. Comparison can also be made in 
Fig. 6-6 between bare steel major and minor axis connections. It is seen that the stiffness 
of minor axis joint is twice that of major axis one, but their ultimate moment resistance 
are close. The rotation capacity of the minor axis connection is shown to be much less 
than the major axis one. This is just as one would expect by removing the flexible 
column flange and replacing it by a stiff web. 
6-2-2-5-General Remarks on Minor Axis Tests 
Consider a minor axis connection comprising a single cantilever beam connected to 
the web of the column section via a flush end plate joint. The idealised yield line pattern 
of the column web is that shown in Fig. 6-7(a). It is seen that the web panel deforms 
along the sagging yield lines while is supported along the hogging yield lines. 
For the case of cruciform specimens in which the end plate connections are bolted 
together through the holes in the column web, the situation differs from above. As 
moments are applied to the connections, the end plates deform as shown in Fig. 6-7(b), 
stretching the bolts by the force applied via the bolts' head and nut. It is recognised that 
this action does not involve the column web, and therefore no deformation should be 
expected from the web. When the applied moments are not equal though, as in 
unbalanced phase of the minor axis tests, the deformation of end plate and hence the 
rotation of one side is more, causing the joint to open. Simultaneously, the other joint 
which is subjected to less moment closes. This action takes place as a result of the force 
applied to the end plate of the "closing" connection via the bolts head and nut. Again, the 
column web is not involved in this action and no deformation occurs in the column web. 
It is concluded that in the unbalanced phase, it is not the flexibility of column web which 
contributes to the rotation of the connection; rather it is the end plate and bolts that 















As well as stretching of the top bolts and defonnation of the end plates, the rotation 
of the connection includes bending of the column about its minor axis, caused by the 
force applied at the top of it The deformed shape of the column is shown in Fig. 6-7(c). 
To summarize therefore, the connection rotations measured in the minor axis tests 
consists of the following: 
a) deformation of the end plate; 
b) elongation, bending, and at higher loads, stripping of the bolts; 
c) bending of the column. 
It should be noted that the rotation of the connection of each beam was measured at 
the level of the top bolts with electronic inclinometers. In retrospect, the reference 
inclinometer on the column flange should also have been mounted at this level to ensure 
accurate measurement of the joint rotation. To quantify the resulting error, the free body 
diagram of the column shown in Fig. 6-7(d) is considered. The bending moment diagram 
of the column is also shown in the figure. Assuming yield moment at the top bolt row, the 
moment at the bottom flange of the cantilevers is a quarter of the yield moment. From the 
curvature along the column to the location of inclinometer, a value of less than 1.0 mrad 
is calculated for the rotation of the column section. This small value is the maximum 
possible error that might have occurred in the tests. 
When the end plate or bolts do not govern the design of the steel end plate 
connection, a greater moment resistance is expected from a minor axis connection in 
comparison with a similar major axis joint Calculations given in Appendix A show that 
the failure mode of the major axis joint is that of combined bolts and column flange 
failure. For the minQr axis joint, the failure mode is that of combined bolts and end plate. 
The maximum moment obtained for the bare steel minor axis joint of Test 11 was 105 
kNm which is equal to that of the bare steel major axis connection of Test 9. Thus the 
resistance of the joints was limited by the bolt resistance. The ductile excessive 
deformation of column flange in Test 9 did not allow the semi-brittle failure of the bolts. 
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Whilst in Test 11, the modest deformation of end plate and column web resulted in the 
stripping of the bolts. The load still could be sustained in Test 9 when it was terminated. 
Test 11 was terminated because of concern over safety if bolt failure occurred. 
6-3-Classification of Composite Connections 
The non-dimensional form of moment-rotation characteristic for each composite 
connection was obtained in accordance with EC4. A cracked beam section was assumed 
to determine Elb. The beam span Lb was taken as 9.0 m except for the deeper beam of 
. Test 10 which was taken as 1l.5 m. The plastic moment resistance was calculated for the 
composite beam in hogging bending, excluding mesh, but assuming full shear 
connection. The measured values of dimensions and strengths of flanges and web of steel 
sections were used to determine Mpl.Rd. The hogging resistance moments have been given 
in Table 6-l. The experimental moments were those produced by the applied load at the 
face of the column. 
Accordlng to EC4, the classification as rigid or semi-rigid depends on the value 
taken for the flexural rigidity of the connected beam (cracked or uncracked); also using 
different lengths for the adjacent beams can change the classification. However the 
classification of connections by moment resistance is independent of the beam length. 
Comparison will be made in this section for the major and minor axis connections 
separately. All tested connections then will be compared together. In each case, the 
behaviour of connections will be compared with the boundaries for rigid connection 
defined in BC4 for braced frames. 
6-3-t-Major Axis Connections 
The moment-rotation curves of the six major axis composite connections are 
compared in Fig. 6-8. 
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As shown, the stiffness of connection of Test 10 that used the deeper beam is 
greater than the other flush end plate connections. The rotation capacity of the 
connections of Tests 1,2 and 7 are comparable. A minimum value of 0.40 for ~ has been 
achieved in these tests. In Test 4, similar rotation capacity is shown on the plot, but with 
deterioration of the moment Due to the weld fracture in Test 4, the behaviour of this 
connection should be excluded from the rotational characteristics of these tests. The 
improved behaviour of Test 7 owes its performance to the provisions of the reinforcing 
details. The high value of rotation capacity observed in Test 7 was more than is thought 
to be required of a composite connection in semi-continuous framing. 
Comparing the behaviour of the connection in Test 7, in which 1.5% reinforcement 
was used, with that of Test 1 comprising 1 % reinforcement, the former appears to be 
over-reinforced without achieving much higher moment resistance and stiffness. 
Regarding serviceability state, their stiffness at the two-thirds of their resistance is also 
close. 
The connections of Tests I, 2 and 7 are full strength compared to the moment 
resistance of the composite beam as shown in Fig. 6-8. The connections of Tests 3 and 10 
are partial strength. All the tested major axis connections except Test 3 are classified as 
rigid to EC4. It is difficult to classify the connection in Test 3 according to this code. 
The connection in Test 3 behaved initially rigid, then semi-rigid as it crossed the 
boundary line of EC4. Since the moment corresponding to this intersection point is less 
than two-thirds of the adjacent beam, it can be considered as semi-rigid. 
Generally, the stiffness of reinforced major axis connections increases slightly with 
more reinforcement, but the increase is not to the same extent as the moment resistance. 
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6-3-2-Minor Axis Connections 
The moment-rotation curves of the three minor axis composite connections are 
compared in Fig. 6-9. Shown in Fig. 6-9(a) is the behaviour of the connections on the 
side that was unloaded. The unloading part of the M -41 curve is omitted and the curve is 
assumed continuous. Fig. 6-9(b) shows the behaviour of the connections for the side on 
which load was maintained constant in the unbalanced phase. The part of the M -, curve 
in which the moment was constant is omitted. These changes are made to enable the m-~ 
curves to be used for connections without unbalanced loading, in particular for 
classification. 
The stiffnesss of the connections in both Fig. 6-9(a) and (b) are close. Generally, 
the amount of reinforcement does not seem to be of much influence as far as the stiffness 
of a minor axis connection is concerned. This is because the web is much stiffer than an 
unstiffened column flange, and is determining in the rotational behaviour of the 
composite joint. 
The rotation capacity of connections in Tests 6 and 8 is limited. This is due to the 
lack of ductility in the overall reinforcement (rebars plus mesh) of low-reinforced 
connections. However the connection of Test 5 possessed a higher rotation capacity; it 
was more substantially reinforced than Tests 6 and 8. 
The moment-rotation characteristics of the minor axis connections are compared in 
Fig. 6-9 with the EC4 boundary for rigid connections. As shown, all tested flush end-
plate connections bolted to the web of the column are classified as rigid to EC4. The 
connection of Test S is full strength and those of Tests 6 and 8 are partial strength. The 
composite beam in Tests 6 and 8 is Class 2 Compact as the plastic neutral axis lay in the 
web of the steel section, well below the top flange. 
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6-3-3-Comparison between Major and Minor Axis Connections 
Fig. 6-10 gives a comparison between the behaviour of all the composite 
connections tested by the author. The minor axis connections are clearly stiffer than 
major axis ones. In general. the rotation capacity of the former is limited due to the 
rigidity of the steelwork joint. The amount of reinforcement appears to increase the 
resistance moment of the connection. but this beneficial effect is mostly for the amounts 
up to 1 %. It can be concluded that when the reinforcement area exceeds an optimum 
value. the joint ultimate resistance and stiffness do not increase significantly. 
6-4-EfTect of Variables on Behaviour of Connections 
Different joint behaviour is expected if the configuration of steelwork components 
and the detailing of concrete slab vary. Also the behaviour of test specimens differ if the 
loading type and sequence change. 
The types of failure of composite joints can be divided into two categories: 
a) Primary failures; such as failure of the components of the steelwork connection. 
fracture of reinforcement, and local buckling of the steel beam adjacent to the joint 
b) Secondary failures; such as failure of the shear connector in bending. fracture of the 
connector's weld. failure of concrete around the connector. failure in vertical shear. 
and crushing of concrete against the column. 
In order to prevent the premature primary failures. adequate design of the steelwork 
joint and appropriate slab detailing must be adopted. The secondary failures will be 
prevented if the joint is capable of resisting vertical shear. full shear connection is 
provided and the transverse reinforcement is adequate. 
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6-4-1-Reinforcement Detailing and Depth of Beam Section 
An appropriate amount of reinforcement is necessary to provide the degree of 
continuity required in a semi-continuous design. Furthermore. the ductility of 
reinforcement must be such that the connection can rotate without deterioration of its 
moment resistance to allow the degree of redistribution assumed in design to take place. 
Care should be taken to prevent brittle behaviour of the overall reinforcement. 
The ultimate resistance of the stiffened composite connection depends mainly on 
the interrelation of reinforcement in tension. and the susceptibility of the steel section to 
local buckling in compression. Therefore the reinforcing details must be determined in 
conjunction with the slenderness of the component parts of the steel section. 
The first attempt to provide an indication of the appropriate reinforcement. was to 
relate the tensile resistance of the reinforcement to the tensile resistance of the steel 
section. Johnson & Hope-Gi11(1972) suggested a non-dimensional "force ratio"; 
<I> • A,;, 
A.r YI 
(6.10) 
Force ratios from 0.16 to 0.44 were used in their research. The force ratios in the tests 
conducted by the author are given in Table 6-5. It varies from 0.15 to 0.45 if mesh 
reinforcement is excluded. or from 0.22 to 0.52 if mesh is included. 
The rotational behaviour of Tests 3 and 10 was poor. both possessing small force 
ratios. The greatest force ratio was with Test 7 (1.5% reinforcement). The result was to 
increase the rotation capacity of the connection. The required rotation of connections in 
semi-continuous framing will be discussed in Chapter 8. However. the rotation capacity 
required for plastic design is in the order of 15-30 mrad for the cases considered in 
Chapter 8. 
The behaviour of tests with 1 % reinforcement proved to be satisfactory regarding 
both the ultimate moment and rotation capacity. This amount of reinforcement 
corresponds to a force ratio of 0.30. or if mesh is taken into account. 0.37. It can 
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therefore be concluded that a force ratio between 0.3 and 0.4 would be preferable to 
achieve both economy and the behaviour required for design of semi-rigid frames. A 
force ratio of 0.5 corresponding to the highly reinforced connection can be considered as 
an upper limit to the reinforcement, since the moment resistance of the joint is limited by 
the local buckling resistance of beam. 
A "semi-rigid force ratio", PF, was proposed by Zandonini(1989) as the ratio of the 
resistance of reinforcing bars to the resistance of the bottom beam flange: 
PF - ~rf,r 
f 11 (6.11) 
This ratio was supposed to be appropriate to control local buckling in design 
because of the reinforcement force being related to the resistance of the compression 
flange. It was suggested to be limited to 1.0. This ratio varied from 0.48 to 1.38 in the 
tests by Johnson & Hope-Gill(1972). Zandonini(l989) has reported that the researchers 
considered have used a ratio from 0.27 to 1.38. Zandonini thought that this ratio was 
rather conservative, when he examined the results by Johnson & Hope-Gill. Hence he 
suggested that the values greater than 1.0 might be acceptable when the steel flange is 
Compact. 
The "semi-rigid force ratio" is given for the tests conducted by the author in Table 
6-5. Although the ratio of 1.0 corresponds to the tests with 1 % reinforcement, it does not 
distinguish between Test 10, in which a poor rotation capacity was observed, and the 
well behaved tests. It does not differentiate between two steel sections of different depths 
but with similar area of bottom flange. 
The classification of composite section in terms of slenderness of parts in 
compression is an influential parameter in determining the appropriate amount of 
connection reinforcement. The more reinforcement is used, the higher the neutral axis 
and consequently the greater depth of web in compression. This results in a more slender 
web which increases the susceptibility of the steel section to local buckling. On the other 
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hand, if a low amount of reinforcement is used, the rotation capacity needed for moment 
redistribution will not be achieved because of fracture of the reinforcement. 
The plastic design of composite beams requires sufficient support rotation to take 
place for a plastic mechanism to develop. In order to determine the moment resistance of 
a composite beam by plastic methods, the composite section must be either in Class 1 
Plastic or Class 2 Compact. This necessitates the web of the steel section to be in Class 1 
or 2. It is realised that the slenderness requirement of the web limits the amount of 
reinforcement, while the rotation requirement demands more reinforcement 
The preceding discussions suggest that an optimum value exists for the area of 
reinforcement over the supports of composite beams jointed in a composite frame. In the 
force ratios suggested by Johnson & Hope-Gill and Zandonini two parameters have been 
taken into account: 
1) the total resistance of reinforcement, 
2) the resistance of the steel section or its flange. 
The "force ratio" relates the cross sectional properties of the steel beam to the 
reinforcement detailing by including the area of the steel section. The "semi-rigid force 
ratio" has the advantage of taking account of the effect of local buckling of the 
compression zone of the beam section by including the strength of the bottom steel 
flange. A greater resistance to the bottom ftange results in a composite section which is 
less susceptible to local buckling, because of the strength provided for the compression 
zone and its effect on the position of plastic neutral axis. 
The "semi-rigid force ratio" still needs a measure of the depth of the steel section as 
well as an indication of the relative strengths of tension and compression zones of the 
composite section. The latter can be allowed for by the position of plastic neutral axis. 
To summarize, the following parameters are proposed to be taken into account, in 
conjunction with the "semi-rigid force ratio": 
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1) the position of plastic neutral axis, 
2) the depth of the steel beam. 
For design, a rather simple rule is needed for determining the support 
reinforcement. The present author introduces the ratio of: 
(6.12) 
where Xp is the distance between the plastic neutral axes of composite and steel sections, 
and D is the depth of the steel beam. 
The "semi-rigid force ratio" has to be multiplied by co: 
p, - co. PF (6.13) 
and the resultant has to be compared with 1.0. If it is less or greater than 1.0, the 
reinforcement detailing may be altered accordingly to allow for full use of reinforcement 
and steel section. When it is less than 1.0, the reinforcement amount should be increased 
to approach a value of 1.0 for p, and vice versa. This is shown in the following 
instruction: 
p, < 1.0 increase the amount of reinforcement. 
p, > 1.0 decrease the amount of reinforcement. 
This ratio has been applied to the "semi-rigid force ratio" of the tests conducted by 
the author and the results are given in the last two columns of Table 6-5. Tests 1 and 10 
can now be compared together. For Test 1, an average value of 1.0 between the two last 
columns of the table (related to rebars only and rebars plus mesh) has been found, in 
contrast with the average value of 0.7 for Test 10. This means that the amount of 
reinforcement should be increased in the latter, if full use of the connection components 
is sought. With the same slab width as the author's tests, an area of 1200 mm2 of 
reinforcement makes this ratio equal to 1.0. Experimental evidence is yet needed to 
justify the applicability of the proposed ratio. For Test 7, it has been argued that only a 
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modest improvement in the joint resistance was achieved although a high amount of 
reinforcement had been used, and the large rotation capacity achieved was not required 
for design. Accordingly, the average of 1.S of the last two columns of Table 6-S can be 
reduced to 1.0 by simply adopting the 1 % reinforcement. This has already been proved in 
Test 1. 
6-4-2-Type of Steelwork Connection 
Tests I, 2 and S comprised the same amount of reinforcement and size of steel 
section. The difference between these connections was the type of steelwork joint. Test 1 
utilized flush end plate connections to the column flanges, Test 2 comprised extended end 
plate joints to the column flanges, and Test S employed flush end plate connections to the 
column web. 
The initial stiffness of end plate composite joints is not strongly influenced by the 
amount of reinforcement, but is much more dependent on the type of steelwork 
connection. This can clearly be seen from Fig. 6-1, where all three connections have the 
same amount of reinforcement but different steelwork details. Tests 2 and 5 possess 
similar stiffness because of little or no deformation of column flange. This deformation 
was the determining feature in Test 1. 
The ultimate behaviour of end plate connections is also dependent on the presence 
or absence of local buckling in the steel section. This in tum depends on the position of 
the plastic neutral axis. This is relevant when the connection is full strength, as in Tests 2 
andS. 
6-4-3-Type of Loading 
The behaviour of the joints of either side of column is not completely independent 
due to the continuity of the slab. Benussi et al(1987) pointed out that this interrelation 
increases with the flexibility of the steelwork connection. For the steel joints used in the 
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tests by the author, which are regarded as the upper bound to semi-rigid connections, this 
interrelation should have a little influence. 
The loading sequence has an effect on the results. The method used in these tests 
was as following: after the specimen relaxed at the previous load level, the load 
increment was applied. If subsequently there was not significant drop of the load, the 
results was printed. Otherwise, the stage of loading was restored until the dropping of the 
load became insignificant. The delay between the application of the increment of load 
and the printout of results was usually 5 to 15 minutes. It was lesser in the beginning of 
each test. 
However, the maximum load has been taken as the greatest recorded by continuous 
printing of results during the test. Failure was characterised by an inability to restore the 
loading after the peak value was applied. 
The influence of loading sequence on the stress state in the slab has also been 
reported by Law(1983). The resulting strain hardening in the rebars is thought to affect 
the joint moment capacity(Zandonini(1989». 
In the minor axis tests, the stage at which unbalanced loading started was not 
unique. The detennination of this stage was based on the observations of the composite 
joint and concrete slab, together with the calculated resistance. It was desired to load the 
specimens to the onset of failure before unloading one side, but care had to be taken to 
avoid loading so far that the mesh fractured. Therefore the commencement of the 
unbalanced phase was based partly on judgement. 
The ultimate resistance of composite connections in the minor axis tests was also 
influenced by the degree of yielding of the joint components in the unbalanced phase. 
This is concluded from the moment-rotation curves of these tests in Figs. 5-16, 17 and 
19. In Tests 6 and 8 the final applied moment is more than that at which unbalanced 
phase started, but in Test S the final applied moment is less than at the beginning of 
unbalanced phase. This implies that the connection components of Test S underwent a 
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significant yielding in the unbalanced phase, but in Tests 6 and 8 the yielding did not 
develop in the same extent as Test 5, to avoid the brittle fracture of overall 
reinforcement. The maximum moment of the minor axis connections might have been 
more if increasing load was applied from the start to the end of test, without yielding of 
reinforcement during the unbalanced phase. 
6·4·4·Shear Connection 
Both BS5950:Part 3.1 and EC4 require that full shear connection be provided in the 
negative moment regions of continuous be'arns. The shear connectors must be capable of 
withstanding the design tensile resistance of the effective reinforcement. In BSS9S0:Part 
3.1, the design resistance of shear connectors in negative moment regions is taken as 
60% of the characteristic resistance, compared to 80% for positive moment regions. The 
additional reduction in negative bending is due to the influence of cracking of concrete. 
EC4 does not distinguish between these two cases. 
Whether the shear connection in the tests with the highest amount of reinforcement, 
namely Tests 4 and 7, was partial or full depends on the code. Tests 4 and 7 were partial 
shear connection according to BS5950:Part 3.1, and full shear connection in accordance 
with EC4. 
It has been shown that in the case of Test 4, only five studs of a total of 7 were 
effective, leading to longitudinal shear failure in the slab. In Test 7, the mode of failure 
was not the failure of shear connectors. 
The degree of interaction realized by the shear connection is clearly influential in 
the composite action. The effect of connectors layout has been studied in the tests by 
Law( 1983), but no indication of partial or full interaction behaviour has been given. 
The effect of connector type has been examined by Puhali et a1(l989). Uplift of 
concrete slab with respect to the steel beam was experienced where non·welded 
connectors without connector head were used. They believed that this had not influenced 
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the connection response. 
Other than the above studies, no research is known to the author to clarify the 
influence of shear connectors on the connection behaviour. It will be shown in Chapter 7 
that the effect of connectors' flexibility cannot be neglected in the prediction of 
connection behaviour. 
In order to identify the- effect of the degree of shear connection in the hogging 
region adjacent to the composite connections, further experimental and analytical 
evidence is needed. 
Since the main concern in the connection tests conducted by the author was to 
eliminate any secondary failure such as failure of studs, the test programme was not 
aimed at investigating the influence of shear connectors. 
6-5-Tests on Composite End Plate Connections Elsewhere 
A number of tests have recently been conducted on end plate connections in Italy by 
Bernuzzi et al(I991). More recently, a number of end plate joints have been tested by 
Xiao et al(I992) at Nottingham University. Table 6-6 summarizes the details of these 
tests. Fig. 6-11 gives their moment-rotation curves. 
6-S-1-Tests in Italy 
Three specimens are considered. Specimens SmlO and Sm14 utilized flush end 
plates with two rows of bolts, a column web stiffened in the compression zone and a 
solid slab. Specimen Cf2 comprised extended end plates (extended in the compression 
zone) with three rows of bolts, an unstiffened column and a composite slab. The 
percentage of reinforcement was 0.7% in specimen sm 10, 1.2% in sm 14 and 1.1 % in 
Cl'2. The end plates were 12 mm thick, connected to the column flange. Beam sections 
were IPE300 for Sm10 and Sm14, IPE330 for eT2. The column section was always an 
HEB260. 
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6-5-2-Tests in Nottingham 
Three specimens comprising flush end plate connections are considered. In 
specimen SCJ3 only mesh reinforcement was used. Specimens SCJ4 and SCJ5 employed 
1.2% reinforcement. SCJ3 and SCJ4 were connections to the flanges of an unstiffened 
column, whilst the column of SCJ5 was stiffened in the compression zone. All tests 
utilised profiled steel sheeting and 10 mm end plates with four rows of bolts. Beams and 
columns were of 305x165UB40 and 203x203UC52 sections respectively. 
6-5-3-Comparison between Tests in Italy and Nottingham 
Despite the differences in the configuration of connections, the flush end plate 
composite joints of these series have similarities in behaviour. The overall shape of their 
moment-rotation curves are similar and their rotation capacity is in the range of 20-25 
mrad. 
As the steel sections, end plate thicknesses and number of bolt rows were different, 
it is not possible to compare them in a straightforward manner. However, the beam 
sections and the percentage of reinforcement were similar in some of the specimens. 
Specimens SJB14 and SeJS comprised the same percentage of reinforcement and 
their behaviours are similar. The greater thickness of column flange and end plate in the 
fonner made it stiffer. However, the use of a solid slab in the fonner would not influence 
the connection behaviour significantly. 
The behaviour of specimens SJB 10 and SCJ4 (the fonner stiffened but with less 
amount of reinforcement) are also comparable. The greater thickness of column flange 
and end plate in the fonner has compensated for the greater amount of reinforcement in 
the latter, regarding both stiffness and resistance. 
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6-5-4-Comparison between Tests in Warwick, Nottingham and Italy 
The moment-rotation curves of these series of tests are shown in Fig. 6-12. The 
stiffness and resistance of the specimens of Test 1 and SJB 14 are similar. The specimens 
possess the same percentage of reinforcement. Their differences are the thicker end plate 
in the fonner and the thicker column flange in the latter. As these differences result in 
similar moment-rotation curves, this implies that the moment resistance of composite 
connection is more dependent on the amount of reinforcement. It is seen from Eqn. (6.3) 
that the tenn corresponding to the force in reinforcement is dominant where sufficient 
amount of reinforcement is used, compared to the limited possible change in the moment 
resistance of flush end plate steel joint. 
The specimen of Test 1 is also similar to that of SCJ4, but for the unstiffened 
column, thinner end plate and more bolt rows in the latter. The thickness of the end plate 
in SCJ4 is less than that of the column flange and therefore the mode of failure changes 
from column flange to end plate. The lesser moment resistance of SCJ4 is due to the 
unstiffened column in compression and the flexibility of end plate, which in tum caused 
earlier plastification of the reinforcement 
The stiffness and rotation capacity of Test 10 are similar to those of eT2. This 
implies that higher stiffness can be expected with a thinner end plate and an unstiffened 
column if the beam section is deeper or end plate is extended below the compression 
flange of the steel section. 
The stiffness of the connection of Test 2 lies between those of CT2 and SIB 14, 
because of the thicker column flange in CT2 and the thinner end plate in SJBI4. The 
extension of the end plate of Test 2 in the tension zone eliminated the failure of column 
flange. The mode of failure then was beam buckling. which is also the failure mode of 
SJB14. 
Test 3 can be compared with SJBI0 since both comprised the same percentage of 
reinforcement. The latter is stiffer due mainly to the thickness of column flange and 
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partly to the solid slab. The ribs of decking in composite slabs have been found to induce 
cracks in the tests by the author, which can influence the rotational behaviour of the joint. 
However the stiffnesses obtained in Test 3 and SJB 10 are the least in these series. 
The rotation capacities of Tests 2 and 3 are of the same order as similar tests in 
Nottingham and Italy. The rotation capacity of Test 1 is clearly greater (35 mrad 
compared to 25 mrad). 
It is noteworthy that the connection with only mesh, namely SeJ3, does not possess 
the least initial stiffness. It is deduced once again that more reinforcement does not 
necessarily increase the initial stiffness of the composite joint, but the overall ductility of 
reinforcement is a significant factor in ultimate behaviour. 
6-6-Column Stability in Semi-Continuous Framing 
A beam-to-column assembly as a part of a braced frame is shown in Fig. 6-13(a). 
For balanced conditions, no first-order moment exists at the column ends. Assuming 
unbalanced 'loading, the first and second order moments at low levels of loading are 
shown in Fig. 6-13(b). The corresponding deflected shape is shown in Fig. 6-13(c). By 
increasing the load to the column, this member tends to buckle and stiffness is lost. The 
beams then tend to restrain the column against further rotation. The degree of restraint 
provided by the beams depends on the stiffness of these members and the connections. A 
situation may be achieved in which the moment in a beam will be entirely positive. The 
bending moment diagram is then that shown in Fig. 6-13(d) and the corresponding 
deflected shape as Fig. 6-13(e). 
The main purpose in applying unbalanced loading in the minor axis tests was to 
simulate chequer-board loading of a real frame and investigate the degree of restraint 
provided by semi-rigid connections to a column in terms of effective slenderness. 
The extreme situation of entirely positive moment on one side of the col umn (Fig. 
6-13(d» was not examined in the minor axis tests. This case is very unlikely to happen in 
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braced frames, due to the limited difference in the imposed loads of spans, unless the 
column is very near to collapse due to buckling. However it is likely in unbraced frames 
subjected to wind loads, as illustrated in Fig. 4-7. The bending moment diagrams of an 
unbraced multi storey frame under gravity and wind loads are shown in this figure. 
Although connections in braced frames were intended to be tested in the project, the 
arrangement used did not comply with the terms of a braced frame. A test rig in which 
the top of the column is held in position is more relevant to a braced frame. 
In the case of an external minor axis joint, the flexibility of the column web 
significantly affects the connection behaviour. The loading and unloading stiffness of 
such connections includes the stiffness of the column web. This situation is shown in Fig. 
6-14. In the case of internal joints, the influence of the stiffness of column web has been 
hard to recognize in the author's tests. 
In the unbalanced phase, the unloading stiffness did not follow the same slope 
shown by unloading in the balanced phase. It was less steep, as shown in Figs. 5-16, 17 
and 19. By unloading one beam, the column web bent and the connection at the side of 
unloaded beam tended to close. This reduced the connection rotation more rapidly 
compared to the situation in which both beams are unloaded together. 
6-6-1-Quantifying Effective Length of Column 
Consider the assemblage of Fig. 6-15(a) in which a column is restrained by two 
beams simply supported at the ends. The increase in combined dead and live loads will 
result in plastic hinges forming at the partial strength connections. This situation is 
shown in Fig. 6-15(b). No rotational restraint is then provided by the beams to the 
column. 
If however the live load decreases on one side, or if reversal of end moment occurs 
in one beam due to the tendency of the column to fail (see Fig. 6-13), some rotational 
restraint will be provided by the unloading stiffness of the connection (joint B in Fig. 6-
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15(c». This corresponds to the tangent stiffness of the unloading M ~ curve in the minor 
axis tests. Since the M ~ curve of the unloading connection in the unbalanced phase is 
approximately linear, as seen in Figs. 5-16, 17 and 19, the tangent stiffness for the ranges 
of moment in the tests is approximately constant for a particular connection. This is 
shown by stiffness C in Fig. 6-15(c). 
To quantify the effect ot semi-rigid composite joints on the column stiffness, the 
assemblage given in BS5950:Pt 1 and BC3 (Fig. 6-16(a» is considered. For the situation 
explained in the last paragraph, the restraint provided by the connections and beams on 
one side is assumed neglected, and the assemblage will be that of Fig. 6-17. The column 
and beam sections used in the minor axis tests can be assumed with the column height 
and beam span as given in Fig. 6-17. 
The equivalent beam method described in Chapter 3 can be employed to find the 
relative stiffness of a beam with semi-rigid connections. Eqn. (3.20) is used for a beam in 
a sway frame. An expression can be derived from Eqn. (3.19) for a beam in a non-sway 
mode, assuming KA - Ks : 
3 I 
K, - [ 6EI ] r 
IT +3 
(6.14) 
For an uncracked composite section, the value of f is found from Appendix B of 
BS5950:Pt 3.1. The values of K, (ratio of relative stiffness of semi-rigid beam to the rigid 
beam stiffness) are tabulated in Table 6-7 for various values of C taken as the unloading 
stiffness of the minor axis connections. 
In order to find the effective length ratios of the column in the assemblage of Fig. 
6-16, the charts given in Appendix B of BC3 (mentioned in Chapter 2) can be used. The 
values of 1'11 and 1'\2 are equal since the structural elements of the top and bottom storeys 
are assumed identical. Therefore 1'\ can be calculated from the relationship given in Fig. 
6-16(a). The values of effective length ratios can then be found for both sway and non-
sway modes from the BC3 charts of Figs. 2-12(b) and 6-16(b). The calculated values of 11 
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and the resulting effective length ratios ,are given in Table 6-7. 
As seen from Table 6-7, semi-rigid composite connections have a significant 
influence on the effective length of columns. The values of unloading stiffness in the 
author's tests increases from Test 5 to Test 8 and Test 6. This is mainly due to the stage 
chosen to commence the unbalanced phase as described in 6-2-2-5. The unloading 
stiffness of Tests 8 and 6 are respectively 2.5 and 3.5 times that of Test 5. However, as 
the unloading stiffness increases, K, increases while '1\ decreases which results in a lower 
value of effective length ratio. The influence of the unloading stiffness on the effective 
length of columns is more in a sway frame 'compared to a non-sway frame. 
As assuming cracked section throughout the beam length gives conservative results 
for column restraint, it was examined with the values of second moment of area found 
from Appendix B of BS5950:Pt 3.1. Only main reinforcement was taken into account. 
The results are tabulated in Table 6-8. 
The results for the bare steel connection of Test 11 are given in Table 6-9. Since in 
Test 11 two phases of unbalanced loading were carried out, two set of values are given. It 
is seen from Tables 6-8 and 6-9 that, again, the value of non-sway IlL is not very 
sensitive to change in the value of C • 
6-7 -Conclusions 
The following conclusions are deduced from the assessment of the test results: 
1) The formulae given for prediction of the moment resistance of composite 
connections are in good agreement with the experimental results. The difference is 
between -4% and +18%, i.e. the formulae give generally safe values of moment 
resistance of composite connections. Negative value means that predicted moment 
resistance was less than test moment. 
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2) The formulae given by EC3 for prediction of the moment resistance of steel end 
plate connections underestimate the connection resistance and stiffness. For 
particular cases of major and minor axis jOints tested by the author. the observed 
ultimate resistance moments are respectively 64% and 42% more than the values 
predicted by the EC3 method. 
3) The modes of failure predicted by using the formulae mentioned in 1 and 2 above 
were correct in all cases. 
4) The main variables affecting the behaviour of end plate connections were studied. 
These are the amount of reinforcement. the depth of steel beam. the type of loading. 
the type of end plate connection (Le. flush or extended end plate and major or minor 
axis). 
5) The amount of reinforcement increases directly the moment resistance of composite 
connections. Full strength connections can be provided by increasing the amount of 
reinforcement. The ductility of the overall reinforcement (rebars plus mesh) has a 
significant influence on the rotation capacity of composite connections. The 
beneficial effects of reinforcement is most significant for amounts about 1 % of the 
concrete area above decking. The amount of reinforcement does not influence the 
initial stiffness of composite connections. 
6) The increase in the depth of the steel beam will increase the stiffness and decrease 
the rotation capacity of a composite connection compared to a connection with 
similar steelwork joint and a similar concrete slab having the same amount of 
reinforcement. 
7) The type and ~quence of loading have some effects on the test results. The stage at 
which unbalanced loading of a cruciform specimen commences has a significant 
influence on the unloading stiffness of the connection. 
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8) An extended end plate connection increases the moment resistance of both steel and 
composite connections compared to similar flush end plate joints. The use of the 
former decreases the need for stiffening the tension zone of major axis connections. 
9) Minor axis connections (both steel and composite) are stiffer than major axis 
connections with similar connection components. The rotation capacity of the 
former is limited due to the rigidity of the steelwork joint. 
10) A method is proposed to determine the appropriate amount of reinforcement for an 
efficient design of composite joints. A ratio "ro" is defined to multiply "semi-rigid 
force ratio". The resultant is compared with 1.0. The assumed amount of 
reinforcement is increased if the resulting value is less than 1.0 and vice versa. 
11) The classification of steel connections given by Be3 results in the tested major axis 
joint being semi-rigid and partial strength. The tested minor axis joint may be 
classified as rigid but still partial strength. 
12) The classification of composite connections given by BC4 results in all tested 
composite connections being rigid. The connections with 1 % or more reinforcement 
are full strength while those with less than 1 % reinforcement are partial strength. 
13) The results of the author's tests are comparable with the experimental results of 
tests on composite end plate joints elsewhere. The reasons for similarities and 
differences have been pointed out. 
14) For steel flush end plate connections stiffened only in the compression zone, it is 
proposed to use the prediction equation of Frye & Morris(1975) for stiffened 
connections with the value of d taken as the lever arm between the tensile force in 
the top bolt row and the compressive force in the bottom flange of the beam. 
15) The effect of semi-rigid connections on column stability has been studied. The 
results of the minor axis tests have been used in determining the effecti ve length of 
the column. The change in unloading stiffness was found to be of little influence on 
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the buckling length of columns. The conventional value of 0.7 taken as the effective 
length ratio of columns in non-sway frames is reasonable but not necessarily 
conservative. A value of 0.75 would though be safe. 
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Table 6-1, Summary of resistance moments 
COMPOSITE BEAM COMPOSITE CONN. COMPOSITE 
TEST STEEL STEEL BEAM 
No. BEAM CONN. R R+M R R+M (sagging) 
1 173 65 248 259 219 243 371 
2 173 123 248 259 248 263 373 
3 174 64 221 239 150 187 377 
4 174 64 272 282 267 280 377 
5 176 74 251 263 225 248 382 
6 175 74 175 200 74 117 380 
7 173 63 271 281 264 277 376 
8 168 74 215 233 157 192 365 
9 173 64 - - - - -
10 339 102 451 457 328 375 702 
11 172 74 
-
. . . . 
R: Rebars only. 
R+M: Rebars plus Mesh. 
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Table 6-2, Comparison between predicted and test resistance 
RESISTANCE MOMENT FAILURE MODE 
TEST TEST PREDICTED 
No. PREDICTED TEST PREDICTED TEST 
column flange 
1 243 262 1.08 column flange followed by 
reinforcement 
2 259 291 1.12 beam flange beam flange 
column flange 
3 187 179 0.96 column flange followed by 
reinforcement 
local failure of 
4 280 243 0.87 column flange slab followed by 
shear connection 
end plate end plate 
5 248 293 1.18 and followed by 
reinforcement reinforcement 
end plate end plate 
6 117 138 1.18 and followed by 
mesh mesh and bolts 
column flange 
7 277 302 1.09 and beam flange 
beam flange 
end plate end plate 
8 192 211 1.10 and followed by 
reinforcement reinforcement 
9 64 105 1.64 column flange column flange 
column flange column flange 
10 375 416 1.11 and followed by 
reinforcement reinforcement 
end plate end plate 
11 74 lOS 1.42 and followed by 
bolts bolts 
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Table 6-3, Non-dimensional resistance relative to Msag 
COMPOSITE BEAM COMPOSITE CONN. 
TEST STEEL STEEL TEST 
No. BEAM CONN. R R+M R R+M 
1 0.47 0.18 0.67 0.70 0.59 0.65 0.71 
2 0.46 0.33 0.66 0.69 0.66 0.70 0.78 
3 0.46 0.17 0.59 0.63 0.40 0.50 0.47 
4 0.46 0.17 0.72 0.75 0.71 0.74 0.64 
5 0.46 0.19 0.66 0.69 0.59 0.65 0.77 
6 0.46 0.19 0.46 0.53 0.19 0.31 0.36 
7 0.46 0.17 0.72 0.75 0.70 0.74 0.80 
8 0.46 0.20 0.59 0.64 0.43 0.53 0.58 
10 0.48 0.15 0.64 0.65 0.47 0.53 0.59 
R: Rebars only 
R+M: Rebars plus Mesh 
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Table 6-4, Classification of beam sections in hogging bending 
POSITION CLASS 
TEST OF OF 
No. NEUTRAL AXIS SECTION 
1 TOP FLANGE 3 SEMI-COMPACT 
2 TOP FLANGE 3 SEMI-COMPACT 
3 WEB 2 COMPACT 
4 TOP FLANGE 3 SEMI-COMPACT 
5 TOP FLANGE 3 SEMI-COMPACT 
6 WEB 2 COMPACT 
7 TOP FLANGE 3 SEMI-COMPACT 
8 WEB 2 COMPACT 
9 WEB 1 PLASTIC 
10 WEB 3 SEMI-COMPACT 
11 WEB 1 PLASTIC 
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Table 6-5, Force ratios of the test specimens 
FORCE RATIO SEMI-RIGID FORCE RATIO AUTHOR 
TEST 
No. R R+M R R+M R R+M 
1 0.30 0.37 0.96 1.19 0.90 1.15 
2 0.30 0.37 0.96 1.19 0.90 1.15 
3 0.15 0.22 0.48 0.71 0.30 0.57 
4 0.45 0.52 1.44 1.67 1.40 1.63 
5 0.30 0.37 0.96 1.19 0.90 1.15 
6 . 0.07 . 0.23 . 0.11 
7 0.45 0.52 1.44 1.67 1.40 1.63 
8 0.15 0.22 0.48 0.71 0.30 0.57 
10 0.20 0.26 0.90 1.12 0.61 0.85 
R: Rebars only. 
R+M: Rebars plus Mesh. 
Table 6-6, Details of tests in Italy and Nottingham 
BEAM COLUMN END PLATE NO. OF 
SPECIMEN SECTION SECI10N THICKNESS BOLT ROWS 
SJBI0 IPE300 HEB260 12 
SJB14 IPE300 HEB260 12 
Cf2 IPE330 HEB260 12 
SCJ3 305 x 165UB40 203x203UC52 10 
SCJ4 305x 165UB40 203x203UC52 10 
SCJ5 305x165UB40 203x203UC52 10 
~-- -------_ .. _---_ .. -
Note-The area of mesh is included in the reinforcement percentage. 
* The third bolt row is in the extended part of compression zone of end plate. 
















+ This value is the ratio of the area of rebars plus mesh to the area of slab if assumed solid. 
(A) Excessive joint deformation 
(C) Failure of slab in shear 
(0) Local buckling of steel beam 
(F) Fracture of slab reiforcement 






















Table 6-7, Effective length ratios for columns of the minor axis tests 
(uncracked section) 
SWAY MODE NON-SWAY MODE 
TEST C 
- ± - t No. kNmlmrad Kr 1'\ Kr 1'\ 
5 6.25 0.150 0.70 1.93 0.345 0.50 0.685 
6 22.3 0.386 0.48 1.43 0.650 0.35 0.618 
8 15.6 0.305 0.53 1.51 0.570 0.38 0.633 
Table 6-8, Effective length ratios for columns of the minor axis tests 
(cracked section) 
SWAY MODE NON-SWAY MODE 
TEST C 
No. kNmlmrad - t - I K, 1'\ Kr 1'\ T 
5 6.25 0.260 0.73 2.05 0.513 0.58 0.725 
6 22.3 0.657 0.58 1.56 0.852 0.56 0.716 
8 15.6 0.510 0.62 1.70 0.758 0.52 0.696 
Table 6-9, Effective length ratios/or column o/the bare steel 
minor axis test 
SWAY MODE NON-SWAY MODE 
TEST C 
- t - I No. kNmlmrad Kr 1'\ Kr 1'\ I 
7.78 0.308 0.70 1.93 0.572 0.55 0.711 
11 






































Fig. 6-2, Failure around the studs and the position o/the transverse bars 
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Fig. 6-5, The prediction method proposed by Benterkia(1991 )for 
unstiffened flush end plate connection 
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Fig. 6-6, Non-dimensional presentation of the behaviour of bare steel joints 
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Fig. 6-7. (a) Yield line paltern of e:eternal joint. 
(c) Deformed shape of column in unbalanced phase. 
(b) Deformation of end plate and bolt. 
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Fig. 6·8, Non-dimensional presentation of connection behaviour for major axis 
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Fig. 6-9, Non-dimensional presentation of connection behaviour for minor axis 
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Fig. 6-10, Non-dimensional presentation of connection behaviour for all 
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Fig. 6-12, Moment-rotation curves o/tests conducted in Warwick, 






Fig. 6-13, Bending moments and deflections of a beam-to-column assembly 
(deflections are not proportional to moments) 
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Kbeam 
__________ ~ Kweb 
Ktot 
Keon 
where Kcoll = actual stiffness of the connection 
Kw,b = stiffness of the web panel 












Fig. 6-15, Formation a/plastic hinges and restraint provided by 
unloading connection 
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Fig. 6-16, Determination of effective length of column to Ee3 
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Fig. 6-17, Assemblage assumed in quantifying effective length of column 
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Chapter 7 
PREDICTION OF CONNECTION STIFFNESS 
In Chapter 2 methods for prediction of joint behaviour were discussed and various 
approaches used by researchers were summarized. The mechanical model was described 
as a promising tool for simulating the response of structural joints. These models are 
based on the mechanical behaviour of the material of the connection components. 
In this chapter, different approaches to the prediction of behaviour of composite 
joints are summarized. A mechanical model is introduced in which the deformation 
elements of the connection are modelled as elastic-plastic springs. The mathematical 
expressions for the mechanical behaviour of components are given. The proposed 
method is examined against the tests conducted by the author. The aim is to introduce 
the main approach on which a practical procedure can be constructed. 
7.1.Background to Prediction of Stiffness of Composite Joints 
A review of the numerical analyses and prediction methods for connection stiffness 
has been given by Zandonini(1989). The models used by researchers can be categorized 
as the following: 
a) Finite difference model. 
b) Finite element model. 
c) Mechanical model. 
In these models, the connection behaviour is simplified and approximation is made 
for the response of key elements of the composite joint. 
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Echeta(1982) used a finite difference fonnulation. He modelled the steel connection 
based on the displacement boundary conditions. The shear connector flexibility was then 
allowed for in the composite model and the material and geometrical non-linearities were 
taken into account. The discrepancies between the results of the analytical model and the 
experimental M -4» curves of his tests have been suggested to be due to overestimation of 
interface slip and neglect oft~nsi1e resistance of concrete (Zandonini(l989». 
Leon & Lin(l986) used a finite element technique. The model is for a composite 
connection with a steel cleated joint. They determined multilinear stress-strain behaviour 
for materials. The contributions due to defonnation of the bolts, column components and 
shear connectors' flexibility were neglected. Nonetheless, comparison with the 
experimental M-4» curves showed close agreement (Zandonini(l989». 
Tschemmernegg(l988) has extended his mechanical model for steel connections 
described in Chapter 2 to the particular composite joint of Fig. 7-1. In the figure, the 
concrete slab is not in touch with the steel column. The beam-column interaction is 
developed only via the steel joint. The column web is unstiffened and is assumed to be 
the component governing the joint behaviour. The achievements of his work on steel 
connections can then be applied to this composite joint. particularly the spring simulation 
of the column web in compression. He assumed that full shear connection is provided, 
and the effect of shear lag is negligible. Hence the effect of interface slip between the 
steel beam and the concrete slab was neglected. He has therefore effectively treated the 
steel joint plus the reinforcement (see Fig. 7-1 (c». 
Where the column web is stiffened, attention should concentrate on other sources of 
flexibility such as that of the shear connectors. In the model proposed by Johnson & 
Law(1981), the contributions of the slab and the steel connection are taken into account. 
Johnson & Law(1981) suggested a trilinear representation of the moment-rotation 
curve for the composite connection shown in Fig. 7-2(a). The M -4» behaviour of the joint 
is approximated by three phases given in Fig. 7-2(b). They determined the elastic 
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stiffness of the joint by an elastic partial interaction analysis of the cantilever shown in 
Fig. 7-2(c). They assumed the centre of rotation of the connection was at the beam's 
bottom edge, which is supported by a rigid support (stiffened column). The rotation of 
the composite joint III is then taken as the rotation of the beam end. They adopted the 
theory developed by Newmark et al(1951) in which the tensile resistance of concrete and 
shear lag is neglected. The general solution for the axial force F (Fig. 7-2(c» is given by: 
(7.1) 
in which: 
R - kEl I (sEA rfi/) 
(7.2) 
Q - kD I (srfil) 
where k is the short term stiffness of a stud connector and s is the connectors' spacing, 
and: 
EEl - EI, + EI, 
The value of C 1 is found from the end condition; at x -0, F -0 and hence C 1-0. The 
value of Co can be found from equilibrium and compatibility conditions at the column 
face where x-L. Assuming C, as the known rotational stiffness of the steel connection at 
the level of the top bolts, from Fig. 7-2(c): 
P L - M - F dF + C, • (7.3) 
(7.4) 
where 'Y is the interface slip. The value of Co will be found from: 
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(7.5) 
Having found the value of co. the joint rotation is detennined as: 
'" M (1 Q dF ) Co dF sinh.JRI: 
'I' - r, --r - c, (7.6) 
The trilinear moment-rotation behaviour of the composite connection (Fig. 7-2(b» 
requires the values of Me • Mp and ~p to be detennined. 10hnson and Law assumed that Me 
is half of Mp and: 
(7.7) 
The value of ~p was assumed as 10 mrad for "F-type" and 20 mrad for "P-type" joints 
based on the experimental results of Johnson & Hope-Gil1(l972) and Law(l983). "F-
type" refers to full shear interaction at the steel-concrete interface. and "P-type" refers to 
partial interaction. They believed that F-analysis overestimates the joint stiffness for a 
continuous member (compared to a cantilever) because there could be slip at the point of 
contraflexure. On the other hand, P-analysis underestimates stiffness. Therefore. the 
former was presented as an upper bound to connection stiffness and the latter as a lower 
bound. 
In order to check this method. Johnson and Law used the results of above 
mentioned tests. They used the load-slip curve obtained by Menzies( 1971) for the 
stiffness of stud connectors. Fig. 7-3 gives the comparison between theoretical and 
experimental results of Law's tests. The agreement of the elastic stiffness and plastic 
moment capacity is good. the discrepancies attributable partly to the trilinear 
presentation. 
As described. the evaluation of +p is based on limited test results against which the 
method has been checked. Johnson and Law did not provide any general procedure for 
determining +p values. It is clear that the values of +p depend on the joint characteristics, 
even when the steel connection is a flush end plate, as variables of the steel joint and the 
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slab components affect the stiffness of the connection. Therefore, a correct approach to a 
prediction method of connection stiffness is to account for the behaviour of the 
individual components of a composite joint. 
7-2-Basis of Proposed Model 
Recently, a model was proposed by Jaspart(I99I) and Gerardy & Schleich(199I) as 
shown in Fig. 7-4. They argued that the shear connectors are designed to obtain a full 
interaction between steel and reinforced concrete members. This is the case usually 
assumed for the hogging region of composite continuous beams. They then concluded 
that the resulting absence of slip allows one to assume the in-plane indeformability of the 
end sections of the composite beam. The model shown in Fig. 7-4(b) is based on this 
assumption. It consists of an infinitely rigid beam. The end section of the beam lies on an 
elastic-plastic foundation represented by axial springs simulating the deformation and the 
resistance of: 
1) the reinforcing bars; 
2) the concrete; 
3) the tension components of the steel joint; 
4) the compression components of the steel joint. 
The deformation of components in 3 and 4 above consists of contribution from the 
bolts in shear, tension and bearing; the column ftange; the column web; the cleat and slip 
between the cleat and the steel beam. 
Each of the springs shown in Fig. 7-4(b) is characterized by a specified non-linear 
force-displacement curve. The methods of modelling have already been proposed for 
each source of deformability by ARBED Report(l99 1). The moment-rotation curve 
corresponding to a particular composite connection is built up step by step by 
distributing, at each level of bending moment, the loads between the springs according to 
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their actual relative stiffness. 
Gerardy and Schleich have applied this procedure to composite connections with 
cleated joints and different amounts of reinforcement. The presence or absence of slip 
between the cleats and the beam have been examined. The results are shown in Fig. 7-5. 
A close agreement has been reported between the experimental and theoretical curves, 
except for the prediction of the ultimate resistance in Fig. 7-5(b) in which the mode of 
failure was the buckling of the column web, compared to the yielding of rebars in Fig. 7-
5(a). 
Since in such models, the individual behaviour of the connection components can 
be expressed by mathematical expressions, which are based on the mechanical properties 
of the relevant material, the method represents a valuable tool for predicting the 
connection response. This method can be employed in the computer analysis of structural 
connections integrated with any analysis program for frames. 
7-3-Proposed Model 
The present author has extended the method proposed by Jaspart(1991) and Gerardy 
& Schleich( 1991) to composite connections with steel end plate joints as shown initially 
in Fig. 7-6. 
Each spring in Fig. 7-6 simulates the stiffness of a component of the connection and 
can be assumed to be elastic or elasto-plastic. The rotational stiffness of the steel 
connection at any level of applied moment can be converted to the stiffness of 
compression spring, KG, and tension spring, Kb. Where the column web is stiffened, KG 
equals infinity. 
The terms Ke , K" K, and Kp in Fig. 7-6 correspond respectively to the contributions 
of concrete, reinforcement, shear connectors and profiled steel sheeting to the stiffness of 
composite connection. Full interaction is assumed to exist at the interface between the 
steel beam and the concrete slab. 
·276· 
7·3·1·Determination of Spring Stiffness of Steelwork Joint 
The rotational stiffness of the steelwork connection is: 
(7.8) 
The joint rotation 'S can be written as: 
(7.9) 
where Ab is the extension of spring b, i.e. the displacement at the level of the top bolt row 
in Fig. 7-6. From Eqns. (7.8) and (7.9), the.stiffness of spring b can be written as: 
(7.10) 
The stiffness C, can be calculated for steelwork end plate joints from the methods 
explained in Chapter 2. 
7·3·2·Initial Model 
For the first instance, it is assumed that plane sections remain plane and 
contributions of concrete in tension and the steel sheeting are negligible. The assumption 
of plane sections requires that the slip at the interface of steel beam and slab is very small 
and therefore can be neglected. Accordingly. the model is simplified to springs Ka , Kb 
and K, as shown in Fig. 7-7. The deformation of joint at the level of top row of bolts is: 
Using the Hooke's law: 
A F, F, I 
u, - v-, -..,.........--
1\. c., It, 
where I is the assumed length of reinforcing bars having extension a,. Hence: 





The values of Fb and F, can be found from equilibrium and compatibility conditions in 
tenns of the applied moment: 
(7.14) 
(7.15) 
The results of the tests on composite connections can be used to examine this 
model. Tests 1 and 3 (with 1 % and 0.5% reinforcement respectively) are considered for 
which the stiffness of their steel connection, C" is available from Test 9. Assuming M is 
equal to half of the maximum test moment, the value of Kb is found from Eqn. (7.10). 
The value of K, is calculated from Eqn. (7.13) assuming: 
where Dc is the depth of the column section. The value of F, is found from Eqn. (7.15) 
and used in Eqn. (7.12) to detennine the value of A,. The connection rotation is finally 
calculated from: 
(7.16) 
The calculated rotations are compared with the experimental rotations in Table 7-1. 
The values of F, found for Tests 1 and 3 (given in the table) are greater than those found 
from using the actual recorded strains at the same level of moment. It is seen from Table 
7 -1 that the calculated values of rotation are much smaller than the experimental values. 
Therefore, the connection flexibility has been underestimated. It is concluded that the 
flexibility of shear connectors cannot be excluded from the derivation of connection 
stiffness. Hence, the problem lies within finding a suitable load-slip curve for the stud 
connectors used in the tests. 
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7-3-3-Determination of Spring Stiffness of Shear Connectors 
The available test data of the load-slip behaviour of welded studs was reviewed 
including those given in Table 7-2. Three push out tests by Mottram & Johnson(l990) 
have some similarity to the shear connection in the author's tests. These are shown in 
Fig. 7-8. The most suitable curve is H30-1-F refering to Super Holorib profiled sheeting, 
Grade 30 concrete, one stud per trough in a "favourable" position. The approximated 
bilinear elastic-plastic behaviour plotted in this figure is then used as the measure of 
connector's flexibility with an ultimate slip equal to 10 mm (Mottram & Johnson(1990». 
The elastic stiffness of a stud is: 
(7.17) 
The values of Pt = 100 kN and YP = 0.5 mm were taken, which result in K, = 200 kN/mm. 
The sum of the shear force in the studs of a cantilever is equal to the longitudinal 
force in the reinforcement. The slip at the connection depends on the nearest stud to the 
column. Under increasing load, it is assumed that the first stud provides resistance to slip, 
until it becomes plastic. Its force then remains constant and equal to its maximum 
resistance. Additional load is then assumed to be resisted by the next stud deforming 
elastically until the plastic resistance of that stud is attained. Further load will then be 
carried by the next stud and so forth. This theory is based on the observation of 
progressive formation of transverse and longitudinal cracks along the cantilever beam 
specimens, starting from the column region progressing towards the free end of the 
cantilever. 
7 ·3·4·Connection Model Including Slip 
To model the real behaviour of the composite connection, two of the slab 
components are now considered. These belong to the reinforcing bars and the shear 
connectors. It should be noted that the contribution of concrete in tension has not yet 
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been taken into account. 
The reinforcement in the slab limits the joint's deformation. The force in the 
reinforcement is transferred to the studs via the surrounding concrete. The flexibility of 
the studs contributes to the deformation of composite connection which is associated 
with horizontal slip at the interface of the steel beam and the concrete slab. Therefore, a 
model in which these two actions are accounted for will be that shown in Fig. 7-9. 
The equilibrium and compatibility equations (assuming fl., -.f;-, fl.b - * and 
fl.J - .f;- where FJ - Fr) can be written as: 
which gives: 
(7.18) 
F, - 1 1 1 . M 
Dr + ( ~ + '"lr'I"» Db 2 Kb 
I\,Ur I\Ju 
(7.19) 
From geometry, the rotation of composite connection is expressed as: 
(7.20) 
The procedure for checking the above approach against the results of Tests 1 and 3 is 
similar to that explained in 7-3-1. The calculated values for a moment equal to half of the 
maximum test moments are given in Table 7-3 in comparison with the experimental 
rotations. A good agreement is seen between test and theory. It should be noted that the 
contribution of mesh reinforcement has not been accounted for in the calculations. The 
greater rotations resulted from calculations could be considered to be due to neglect of 
stiffness provided by mesh. 
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Table 7-4 therefore gives a comparison between calculated rotations, excluding and 
including mesh, and experimental values. Tests 5 and 8 (minor axis with 1 % and 0.5% 
reinforcement respectively) are also used to check the proposed model for which the 
stiffness of steel connection has been taken from Test 11. Since two different values of 
stiffness for the north and south connections are obtained in the bare steel tests; the 
smaller values are used and the calculated rotations are compared to the test results of 
composite connections on the side with greater rotations. As seen in Table 7-4, the 
increase in the amount of reinforcement by including mesh has a limited influence on the 
stiffness of connection particularly for the minor axis connections. Therefore, another 
source of stiffness, which is the contribution of concrete in tension, should be taken into 
account. 
7·3·S·Connection Model Including Concrete 
Fig. 7·10 depicts the M~ and M-£ behaviour of a composite section under negative 
moment (Johnson & Allison(1981». It is assumed that rotation of the section and strain 
at the top of the concrete slab are both zero just after the concrete hardens. Lines OA and 
OB show the uncracked and cracked M ~ relations for the section. The dashed line shows 
the behaviour that would be expected in a test. This can be simplified by assuming that 
the effects of tension stiffening disappear by the time a moment M, has been reached. 
Therefore, the theoretical response follows the lines OADB. 
This theory can be extended to composite connections subjected to negative 
bending. The behaviour of the connection is initially uncracked, changing to cracked 
when the effects of tension stiffening disappear. 
Assuming an uncracked section, the stiffness provided by the concrete slab in 
tension can be simulated as an additional source of stiffness associated with the 
reinforcement. The total stiffness of reinforcement and concrete in tension can be written 
by applying the Hooke's Law: 
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K E, A, +Ec Ac ,~ - I (7.21) 
Taking the modular ratio Cle - -t- . the above equation will be written as: 
Er (A Ac) Kr~ - T r+a; (7.22) 
The value of K, ~ can be calculated for the connections with 1 % and 0.5% 
reinforcement (only. without mesh) taking Ac as the area of concrete above decking. The 
results of including the contribution of uncracked concrete are tabulated in Table 7-5 
. compared to the results of assuming cracked section. 
The rotations of the connections at greater moments than half of the maximum test 
moments are also calculated. Two levels of moment are considered: 
1) Two-thirds of the maximum test moment, using Table 6-2. 
2) The calculated design moment resistance of the connection, taken from Table 6·1 
(rebars only). 
The calculated rotations assuming uncracked concrete with Cle = 10 are tabulated in 
Table 7·6 in contrast with the experimental rotations. It is concluded from the table that 
general agreement exists between the theoretical and experimental values for both levels 
of moment The smaller values of rotation resulted from calculations compared to the test 
values would be due to the assumption of uncracked concrete which would not be true at 
such levels of moment. 
The concrete can be assumed fully cracked at the design moment resistance of the 
connection. The value of K, from Eqn. (7.13) and F, from Eqn. (7.19) can then be used. 
The calculated rotations for cracked concrete at a moment equal to the design resistance 
moment of the connections are compared to those of uncracked concrete and to the 
experimental rotations in Table 7·7. It is seen that the different assumptions concerning 
the concrete have a very limited influence on the calculation of rotations. 
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The elastic uncracked stiffness is based on assuming that the connection 
components, i.e. steelwork components and reinforcement, have not yielded. It is 
possible to check this assumption with the test observations and the experimental 
moment-strain curves of reinforcement. 
The deformation of column flange in Test 1 was first observed at 200 kNm, slightly 
below the design moment resistance. In Test 3, this deformation was first visible at 172 
kNm, much higher than the design moment resistance. The deformation of end plate in 
Tests 5 and 8 could only be seen at moments higher than the design moment resistance 
(242 kNm in Test 5 and 186 kNm in Test 8 compared to 225 kNm and 157 kNm 
respectively). It is concluded therefore that yielding of the steelwork components has 
not yet been developed at the design moment resistance of composite connection, and 
elastic behaviour can be assumed for these components. 
The M -£ curves of Tests 1 and 3 are given in Figs. E-15 and E-17 of Appendix E 
respectively. The design moment resistance of the composite connection lies at the non-
linear (elasto-plastic) part of these curves. It implies that some yielding had occurred in 
rebars before the design moment resistance was reached. Therefore, the assumption of 
elastic behaviour for the connection components ignores the yielding of reinforcement 
Where a computer program is written for prediction of connection stiffness, the real 
behaviour of materials is input. The force in an individual component is calculated from 
equilibrium and compatibility conditions, and the associated deformation is found from 
the material behaviour. Nevertheless, the simplifying assumption of elastic uncracked 
stiffness does not result in a significant discrepancy between the results of the author's 
method and experiments, although a better prediction would be expected if the elasto-
plastic behaviour of materials is taken into account. Hence, for the sake of convenience 
in design, the composite connection may be assumed uncracked with elastic linear 
behaviour for materials at moments smaller than the design moment resistance of the 
composite connection. 
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7-4.Proposed Moment-Rotation Curve 
The moment-rotation behaviour of composite connections could be approximated to 
a trilinear presentation as shown in Fig. 7-11 if cracked concrete resulted in closer values 
of rotation to the experimental values. However, the most significant factor in the 
calculation of rotation is the stiffness of shear connectors. Therefore, it is likely that the 
trilinear presentation is prefe~able where more accurate data of the behaviour of shear 
connectors is available. This kind of approximation would then have three phases: 
1) The elastic phase, represented as the uncracked stiffness up to the half of the design 
moment resistance of the composite connection. 
2) The transition phase, from uncracked at the end of phase 1, to cracked at the design 
moment resistance of composite connection. 
3) The plastic phase, with zero stiffness at a constant moment equal to the design 
moment resistance. associated with increasing rotation up to the rotation capacity of 
connection. 
Because of the very limited difference in the calculated rotations assuming cracked 
and uncracked concrete. the author suggests that a bilinear presentation is chosen. The 
two phases of such approximation will then be: 
1) The elastic cracked phase up to the design resistance moment of the composite joint 
associated with the rotation: 
( 1 + 1 ) 
x;t5; x;t5 (7.23) 
2) The perfectly plastic phase with zero stiffness at a constant moment equal to the 
design moment resistance, associated with increasing rotation up to the rotation 
capacity of connection. 
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The moment-rotation curves of Tests 1. 3. 5 and 8 are plotted according to the 
proposed bilinear presentation in Figs. 7-12 to 7-15 in comparison with the experimental 
curves. Satisfactory agreement is achieved between the theoretical approximation and the 
experimental curves. 
7 -5-Summary and Conclusions 
The moment-rotation behaviour of composite connections is proposed to be 
approximated by a bilinear presentation with a plateau at the design moment resistance of 
the composite joint starting at a rotation found from Eqn. (7.23). The values of individual 
stiffness are found as follows: 
The design resistance moment is calculated according to the formulae given in 
Chapter 6. 
The value of Kb which is the spring stiffness representing the steelwork connection 
is calculated from Eqn. (7.10) using an appropriate stiffness C, for the steel joint. This 
stiffness may be found using the method given in Annex J of EC3 or any suitable 
prediction method. Relevant approaches have already been mentioned in Chapter 2. The 
author used the Ee3 method which has been reported to underestimate joint stiffness 
(Chapters 3 and 6). The Ee3 method can also be used for extended end plate joints (Test 
2). The resulting curves for Tests 1-3 are given in Figs. 7-16 to 7-18. 
The values of K, and K,.c are calculated respectively from Eqns. (7.13) and (7.22). 
The area of concrete is taken as that above decking within the effective breadth of the 
slab. 
The value of K, is determined from a suitable load-slip curve obtained either from 
push-out tests or an approriate prediction formula. 
By applying the proposed approach to the tests conducted by the author on major 
and minor axis specimens with 1 % and 0.5% reinforcement. the following can be 
concluded: 
- 285-
The proposed model produces satisfactory results. The predicted stiffness of the 
composite connections are in all cases less than the stiffness of the joints observed 
in the tests for moments less than about the two-thirds of the design resistance 
moments. Hence. the proposed method gives slightly conservative results for 
semi-continuous design at serviceability. The calculated maximum moment 
resistances were found to be normally lesser than the test values as reported in 







Table 7-1, Calculated rotations at a moment equal to half of the maximum 
test moment (initial model) compared to experimental rotations 
Kb K, M F, !!J., ~ 
kNlmm kNlmm kNm kN mm mrad 
240 1770 131 320 0.18 0.46 





Table 7-2, Push out tests reviewed/or determination 0/ load-slip behaviour 
TOTAL UGHT WEIGHT OR SOUDOR STUD 
AUTHOR No. OF NORMAL WEIGHT COMPOSITE DIAMETER 
TESTS CONCRETE SLAB (mm) 
Menzies( 1971) 39 LW)fW S 19 
Ollgaard et al(l971) 48 LW;NW S 16,19 
Oehlers(l980) 53 NW S 13,19,22 
Roik & Hanswllle(1983) 25 NW S 19,22 
Hawkins & Mitchell(l984) 13 NW S,C 19 
Jayas & Hosain(l988) 18 LW;NW S,C 16 
Lungershausen( 1988)+ 46 NW C 19,22 
Robinson( 1988) 49 NW C 19 
Mottram & Johnson(l989) 35 LW,NW C 19 
Harding( 1990) 24 LW,NW S,C 19 
Uoyd & Wright(I990) 42 NW C 19 
Rakib(I991) 3 LW C 19 
Note-Total No. of tests covers all tests including those comprising shear connectors other than 
studs, also more than one stud in a trough. 
+ Decking with holes to allow welding of studs directly to the steel beam. 
* Design strength. 












































Table 7-3, Calculated rotations at a moment equal to half of the maximum 
test moment (model including slip) compared to experimental rotations 
Kb K, M F, A, AJ cP 
kNlmm kNlmm kNm kN mm mm mrad 
240 1770 131 200 0.11 1.00 3.57 
240 890· 90 133 0.15 0.67 2.60 
Table 7-4, Calculated rotations at a moment equal to half of the maximum 
test moment (model including slip) for both rebars and rebars plus mesh 
compared to experimental rotations 
Reinforcement M ~R ~R+M 
percentage kNm mrad mrad 
1.0% 131 3.57 3.52 
0.5% 90 2.60 2.52 
1.0% 147 3.41 3.36 
























Table 7-5, Calculated rotations at a moment equal to half of the maximum 
test moment (model including slip and concrete) for un cracked concrete 
compared to cracked concrete and experimental rotations 
M 'uncraded 'cracted 
kNm mrad mrad 
131 3.41 3.57 
90 2.36 2.60 
147 3.25 3.41 
104 2.30 2.47 
Table 7-6, Calculated rotations at higher moments/or uncracked concrete 







M = 2/3 of maximum test moment M - design moment resistance 
M ~caJculaled ~/e.rt M ~cakula1ld "lst 
kNm mfad mrad kNm mfad mrad 
175 4.59 4.60 219 5.71 6.90 
119 3.12 3.60 150 3.88 6.80 
195 4.36 5.90 225 4.93 8.60 








Table 7-7, Calculated rotations at the design moment resistance for cracked 
concrete compared to un cracked concrete and experimental rotations 
M c!>CTllCud c!>uncracud 
kNm mrad mrad 
219 5.98 5.71 
150 4.28 3.88 
225 5.18 4.93 
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Fig. 7-2, Model proposed by Johnson & Law( 1981) 
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Fig. 7-3. Comparison between theoretical and experimental results 
(Johnson & Law(l981)) 
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a) actual composite connection b) equivalent structural model 
Fig. 7-4, Mechanical model proposed by Jaspart(l991) and 
Gerardy & Schleich(1991) 
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b) rebars of 18 mm 
,0.05 
~AO 
Fig. 7-5, Comparison between theoretical and experimental results 
(Gerardy & Schleich(1991)) 
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Note-For simplicity in derivation of relationships for connection stiffness, Dr is taken as the 
distance between the centre of bottom beam flange and centroid of reinforcement. 
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Fig. 7-7, Simplified model including steelwork connection and reinforcement 
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Load factor H30.1.F 
H30J 
P30J.U 
Elas ti c - Plastic approxi mati on 
o 0.5 1 2 
Slip (mm) 
3 4 5 6 7 8 9 10 
Fig. 7-8 Results o/three push out tests by Mottram & Johnson(l990) 
• aiui the elastic-plastic approximation 
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f6 (or E) 
Fig. 7-10, The M-+ and M-e behaviour of a composite section 
under negative moment (Johnson & Allison(1981» 
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Fig. 7-12. Experimental moment-rotation curve of Test 1 compared to 





















5 10 15 20 25 30 35 
Fig. 7-13, Experimental moment-rotation curve o/Test 3 compared to 
the result 0/ proposed prediction method 














o 5 10 15 20 25 30 35 
Fig. 7-14. Experimental moment-rotation curve a/TestS compared to 













o 2 4 6 8 10 12 14 16 
Fig. 7-15, Experimental moment-rotation curve of Test 8 compared to 






















o 5 10 15 20 25 30 35 40 
Fig. 7-16. Experimental moment-rotation curve of Test 1 compared to the 








































o 5 10 15 20 25 30 35 
Fig. 7-17. Experimental moment-rotation curve of Test 2 compared to the 
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o 5 10 15 20 25 30 35 40 
Fig. 7-18, Experimental moment-rotation curve of Test 2 compared to the 








REDISTRIBUTION OF MOMENTS IN 
COMPOSITE BEAMS 
Methods for overall frame design were briefly considered in Chapter 4. This chapter 
concerns continuous composite beams. The methods of analyis of composite beams are 
described first, and the background to the subject of redistribution of moments and the 
plastic design of continuous composite beams is reviewed. The maximum redistribution 
of moments allowed in composite beams is then investigated. The required rotation of the 
connection in order to develop a full plastic mechanism is subsequently considered. 
In order to investigate the above subjects, a computer program has been developed. 
This program is described and the results of numerical studies are presented. 
For research, a single beam can simulate a beam within a rigidly jointed frame, or a 
span of a continuous beam, if suitable end conditions are provided. Accordingly, a single 
span beam has been used for the numerical study of the behaviour of composite beams 
with semi-rigid end connections. 
8-1-Methods of Analysis 
In principle, the distribution of bending moments in a continuous beam can be 
detennined by either elastic global analysis or by plastic hinge analysis. These methods 
are described herein. 
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8-1-1-Elastic Global Analysis 
In elastic global analysis, the composite section may be assumed to be "uncracked" 
throughout the length of the beam. Alternatively, the "cracked" section may be used for 
regions on each side of the internal supports, and the "uncracked" section elsewhere. A 
length equal to 15% of the span is usually taken on each side as the "cracked" region. 
Moments are determined for the worst cases of pattern loading: 
a) Factored imposed load on two adjacent spans, which generates the maximum 
negative moment. 
b) Factored imposed load on alternate spans with dead load on other spans; this 
generates the maximum positive moment in the midspan region. 
In composite beams, the flexural stiffness of the section in negative bending is 
usually less than that in midspan, while considering case (a), the negative bending 
moment at the internal support is usually more than that at midspan. In design therefore 
the negative bending moment may be redistributed in a way that satisfies eqUilibrium, 
taking account of the effects of cracking of concrete, inelastic behaviour of materials, and 
local buckling of structural steelwork. The shear forces should also be adjusted if 
necessary. The redistribution of moments in a continuous beam is illustrated in Fig. 8-1. 
The permitted redistribution of moments depends on: 
1) the moment resistances of the composite connection and composite section in 
hogging and sagging bending, 
2) the rotation capacity of the connection. 
The moment capacity of composite connection can be detennined from a plastic 
analysis of the connection. The moment capacity of the composite section in hogging 
bending is limited by the local buckling of the steel section and the resistance of the 
reinforcement. The moment capacity of the composite section in sagging bending can be 
determined from the resistance of concrete slab and steel section. 
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The rotation capacity of composite connection is dependent on the deformation of 
steelwork components in compression and tension, deformation of the reinforcement in 
tension, and deformation of the shear connectors. Available rotation capacity, has been 
measured in the tests described earlier in this thesis. 
8-1-2-Plastic Hinge Analysis. 
Global plastic hinge analysis is based on a collapse mechanism of plastic hinges. 
The internal beam spans can be treated as conventional three hinge mechanisms if the 
beam section is Class 1 plastic in both hogging and sagging bending. Fig. 8-2 shows the 
formation of plastic hinges to develop a collapse mechanism. 
The sequence of the formation of plastic hinges in a composite beam with semi-
rigid connections depends on the moment distribution along the beam. The shape of the 
free bending moment diagram and the associated curvature depends on the loading type 
and arrangement, as well as the maximum moments that can be absorbed by the 
connections and the beam sections in hogging and sagging bending. Therefore the 
influential factors in the formation of plastic hinges are: 
a) The resistance of the composite beam in hogging and sagging bending. 
b) The stiffness and strength of the connection. 
A stiffer connection rotates less compared to a more flexible connection at the same 
moment. Depending on its strength, it may become plastic well before the composite 
section at midspan. Normally, stiffer connections possess a significant moment 
resistance. Nonetheless, as described in Chapter 6, a composite connection with lack of 
ductility in the reinforcement exhibits rigid behaviour while its moment resistance is 
modest. 
Considering a composite beam with two semi-rigid connections, several cases may 
occur as load increases, depending on the connection strength: 
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1) Partial strength connection· The connection becomes plastic when neither the beam 
at support nor at midspan has developed a plastic hinge. Assuming a plateau for 
M -+ curve of the connection, the support moment can be kept at its ultimate level, 
allowing the sagging moment to increase under further load. As long as rotation 
capacity is available at the joint, the procedure could continue until the maximum 
sagging moment resistance is attained. Where the first hinge forms at midspan, e.g. 
under a point load, further load can be applied only when the composite section in 
sagging bending is Class 1 Plastic. In this case, plasticity extends along the beam in 
midspan until a plastic hinge forms at the support. 
2) Full strength connection • The first plastic hinge may form either at the support or 
midspan, depending on the stiffness of the beam in hogging and sagging bending, 
and the stiffness of the connection. For Class 1 sections, rotations may occur until a 
plastic mechanism is formed. 
Codes of practice have adopted several geometric and loading criteria in order to 
use the plastic hinge analysis. Eurocode 4 permits either rigid-plastic or elastic-plastic 
methods. The latter includes elastic-perfectly plastic and elasto-plastic methods. 
8·1·3·General 
The moment resistance and the rotation capacity of composite connections are of 
particular importance in both elastic global and plastic hinge analysis. It was described 
earlier that the rotation capacity of composite connections is limited and depends on the 
ductility of the joints. Therefore, it is important to know what rotation capacity is needed 
to permit degrees of redistribution commonly used in elastic analysis and the full 
redistribution assumed in plastic analysis. The connections should be capable of 
deforming without significant loss of resistance to allow for the redistribution of 
moments assumed in design to take place. 
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The aim of this chapter is to provide indications of the required rotation of 
connections in order to achieve a specified redistribution of moments in composite 
beams, and also to develop a plastic mechanism. 
8-2-Background to Moment Redistribution in Composite Beams 
Both steel and composite beams exhibit ductile behaviour due to the elastic-plastic 
characteristic of materials. In the plastic design of continuous beams, the hinges form 
where the largest plastic rotations occur. For development of a full plastic mechanism, a 
certain amount of rotation is required to take place at the hinge while maintaining the 
predicted moment of resistance. The required rotation of plastically designed members, 
have been investigated by researchers including Kemp( 1986) and Kemp & 
Dekker( 1987). 
The suitability of a steel section for plastic design is evaluated by the susceptibility 
of the section to local buckling. Accordingly, the steel sections have been divided into 
four categories as explained in Chapter 1. These are: 
a) Class 1 Plastic. 
b) Class 2 Compact. 
c) Class 3 Semi-Compact. 
d) Class 4 Slender. 
This classification has also been adopted for composite sections with definitions and 
limits appropriate to composite beams. The composite sections are classified for sagging 
and hogging bending separately due to the different arrangement of the stress blocks in 
these regions. The top flange of the beam is assumed fully restraint by the concrete and 
the action of the connectors. In the sagging region therefore, the top flange (in 
compression) is not considered liable to buckle; the web still needs to be checked unless 
(as is often the case) the plastic neutral axis is so high that only a small part of web is in 
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compression. In the hogging region, the bottom flange and a significant part of the beam 
web are in compression and should be checked against local buckling. The presence of 
longitudinal reinforcement in hogging region raises the plastic neutral axis, and the 
section becomes more susceptible to local buckling. 
The applicability of plastic theory to composite beams has been investigated by 
researchers since the 1960's. Barnard & Johnson(1965a)(1965b) and Johnson et al(l965) 
presented simple methods of predicting the ultimate moment resistance of composite 
beams based on the simple plastic theory. In these methods, the slip at the steel-concrete 
interface was neglected. From tests they concluded that the methods were still applicable 
in the presence of interface slip. Johnson et al(1966) investigated the effect of 
longitudinal and transverse reinforcement over the supports. The simple plastic theory 
was proposed for design in which full use could be made of tensile strength of the 
longitudinal bars. 
Because of the need for adequate rotation capacity, Climenhaga( 1970) conducted 
experimental and analytical studies on the effect of local buckling on the moment-
rotation characteristics of composite beams. He proposed a set of slenderness rules for 
unstiffened I -sections to demonstrate suitability for the application of plastic design. 
Johnson & Hope-GiIl(l976) further examined the applicability of simple plastic 
theory to continuous composite beams. They used the moment-curvature data from their 
previous research in a computer analysis to determine the conditions under which 
continuous composite beams can reach their plastic design loads. 
Hope-Gil1(l979) extended his work to cover the redistribution of moments in 
composite beams with non-plastic cross sections. He calculated the redistribution 
percentage in comparison with elastic uncracked and elastic cracked moments. By 
plotting these percentages against the vertical loads, criteria for design of compact 
sections could be concluded. He suggested a redistribution of up to 40% for uncracked 
analysis, and up to 25% for cracked analysis. For slender sections, assuming the negative 
- 312-
design moment as 0.75 of the hogging moment resistance, an amount of 10% 
redistribution was proposed even if cracked analysis is used. A further 10% was found 
reasonable when uncracked analysis is carried out, to allow for cracking. 
A detailed analysis of cross sections of composite beams in relation to the moment-
curvature characteristics was presented by Rotter & Ansourian(1979). They defined a 
ductility parameter, to be compared with unity to decide whether a section is suitable for 
plastic design. From tests and numerical results, Ansourian(1984) concluded that for 
continuous composite beams having a compact steel section, the available rotation 
capacity in the hogging regions is usually adequate to shed moments to the sagging 
regions. 
Johnson & Fan(1988) conducted a parametric study on redistribution of moments in 
composite continuous beams with semi-compact cross sections. The aim was to examine 
the methods given in Eurocode 4 for the design of such beams. They used test data from 
the post-local-buckling behaviour of cantilevers reported by Climenhaga(l970) to 
analyse a number of two-span beams. For this study, Fan(l990) developed further a 
computer program, originally written by Johnson(l982) for a single fixed-end beam, to 
deal with two-span continuous beams. The effects of residual stress and unpropped 
construction were studied and found to have little influence on the load capacity of the 
beam. This was despite other researchers including Rotter & Ansourian(1979) reporting 
substantial increase in curvature due to residual stress; and decrease in failure load due to 
unpropped construction (Yam(1981». Local buckling did not occur until well above 
service load levels, for both propped and unpropped construction. Johnson and Fan 
concluded that the method of the draft of EC4 was safe and economical for the ultimate 
limit state. 
Recently, Chen(l992) extended the Fan's work on the buckling of inverted U-
frames with Class 3 sections to those with Class 4 sections. The main interest is the 
behaviour of the bridge beams over internal supports, where local and lateral buckling 
- 313-
are the governing factors. The need for lateral restraint in these regions has been studied 
and suggestions made. 
8-3-Computer Program "SRCB" 
A computer program, initially written by Johnson(1982) for fixed-end beams, has 
been developed by the pre~nt author to include the effect of semi-rigid joints. The 
program first derives moment-curvature relationships for the beam's cross section in 
hogging and sagging bending from geometric data and material properties. An initial 
value is assumed for the support moment. Load is then applied and the program iterates, 
changing the support moment, until the slope at midspan is equal to zero. 
The following assumptions have been made in the elasto-plastic analysis of the 
program: 
1) Plane sections remain plane after bending. 
2) Full shear connection exists and no slip occurs at the steel-concrete interface. 
3) Materials obey the simplified stress-strain curves given in 8-3-1. 
4) The contribution of the decking and the effect of tension stiffening are ignored. 
The procedure followed in the program is elaborated in the following sub-sections. 
8-3-1-Material Properties 
The material properties are illustrated in Fig. 8-3. The stress-strain curves used for 
concrete and reinforcement are as given in 8S54OO(1984). The curve for structural steel 
is as used by Johnson & Fan(1988). The strain hardening of steel is allowed for by 
assuming a decreased modulus of elasticity, usually taken as the ratio E$/33. The residual 
stresses in the steel section are assumed to be as shown in the figure, with a compressive 
stress of 0, /2 at the tips of the flanges. 
- 314-
The partial safety factors have been taken as 1.0 where the connection test results 
have been examined. For design considerations, Ym values have been assumed for 
reinforcement and concrete as those given by EC4. A partial safety factor of 1.0 was 
assumed for the structural steel. 
8-3-2-Moment-Curvature Relationships 
The components of the composite section are first divided into slices as shown in 
Fig. 8-4(a). For propped construction, no initial strain and stress are assumed in the 
section. For unpropped construction, initial elastic sagging and hogging moments are 
input, representing load on the steel section at the end of construction. The program 
calculates the initial strains due to these moments from the corresponding curvature using 
the following equation: 
M 
1C - Tl (8.1) 
The initial strains are added to those due to the residual stresses. In generating the 
moment-curvature relationships, the initial total strains (not stresses) are assumed to exist 
in the section. Thus, the resulting moment at each stage includes the initial bending 
moment due to lack of propping. 
Considering hogging bending, the elastic properties of the cracked composite 
section are calculated. An initial value of curvature is assumed as half of that 
corresponding to a moment on the composite section which would cause yielding of the 
bottom flange. A trial position for the neutral axis is guessed, which is slightly above the 
centroid of the steel section.The corresponding strains in the reinforcement and the steel 
section are then found. From the stress-strain curves of the materials, the stress in each 
slice and then the axial force in each slice are calculated. 
A small change is then made in the neutral axis depth and new strains are found. 
Iteration, using the Newton-Raphson method, continues until the neutral axis depth is 
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such that the equilibrium of axial forces in the composite section is satisfied. The , 
moments produced by the axial forces of all slices are added together to give the total 
moment of the section. This moment and the corresponding curvature generate a point of 
the moment-curvature curve. 
The curvature is then increased by an increment factor, and the above cycle is 
repeated. The procedure continues until the bottom flange stress (accounting for strain 
hardening) exceeds 1.3 times the yield stress of the structural steel. 
For sagging curvature, the method is as above, except for the following. The initial 
trial position of the neutral axis is assumed to be at one tenth of the depth of the web 
below the steel top flange. Forces in the concrete and the steel slices are found from the 
known strains, and eqUilibrium of axial forces in the composite section is satisfied by 
convergence onto the neutral axis depth. The sagging moment and curvature then are 
found and output. 
8-3-3-Analysis of Fixed-End Beam 
The loading can be input as either point or distributed load. Unpropped 
construction is included by introducing the relevant sagging and hogging moments on the 
steel beam. 
The initial hogging length of the beam is assumed as 20% of the span adjacent to 
the beam ends. The hogging and sagging region is divided into elements, as shown in 
Fig. 8-4(b). 
An initial end moment is assumed as a fraction of that for yield of the bottom 
flange, usually half ~f that, and the midspan moment as 70% of this initial end moment. 
The support moment remains constant, and the true value of midspan moment is found 
by iteration. The iteration concerns the integration of curvature at each node by the 
Simpson's rule to find the slope at midspan: 
LIl M 
emidspall - ! -ndx 
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(8.2) 
If this slope is not close to zero, the midspan moment is changed and the integration 
repeated until the midspan slope is virtually zero. 
The true bending moments are output The load factor is found from eqUilibrium 
and output together with the number of yielded slices. The percentage of redistribution of 
moments is calculated by comparing the support moment with the elastic support 
moment of the fixed-end beam. Next cycle begins after the support moment is increased 
by an increment factor. 
The failure load is assumed to be reached when either: 
1) The support or midspan moment exceeds the maximum moment for which 
moment-curvature data are available. A scheme has been built in the program to 
decrease the load increment when either of these maximum moments are 
approached. 
2) The number of iterations necessary for convergence on the slope at midspan 
exceeds a specified value, usually taken as 20. 
3) The vertical shear exceeds three times the shear resistance of the elastic part of the 
web. 
4) The number of cycles for the beam collapse exceeds a specified value, taken usually 
as 30. 
8-3-4-Incorporation of Connection Rotation 
A subroutine has been developed to incorporate the behaviour of the connections at 
the supports into the program. The method is based on the unique nature of the joint 
rotation and the beam slope. A beam with semi-rigid connections at its ends is shown in 
Fig. 8-S. The slope at midspan is equal to the rotation of the joint plus the integration of 
curvature along half the span of the beam: 
LI2 
8midspan - ~con + ! Kdx 
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(8.3) 
The moment-rotation characteristic of the connection is input in the form of a 
multilinear relationship. The rotation corresponding to the support moment at each load 
level is found from the M -~ curve of the connection. This value is taken as the beam end 
rotation and integration is carried out to find the slope at midspan. If this slope is not 
small enough, iteration continues in the same manner as described in 8-3-3 until it is 
virtually zero. 
In the next cycle, the new support moment is used to find the corresponding rotation 
of the connection. This procedure continues as long as the rotation of the connection is 
available. 
As the support moment increases, i.e. more load is applied to the beam, the 
moment-rotation curve of the connection approaches its plateau. Subsequently, the 
increment factor applied to the support moment is reduced to slow down the loading. 
This is to distinguish clearly between the formation of the first plastic hinge at the 
connection, the beam end or at midspan. This is necessary when the hogging moment at 
the support becomes close to the resistance of either joint or beam, which may also 
coincide with the attainment of the sagging moment resistance. 
The different cases that may occur in the plastic hinge analysis of a composite beam 
with semi-rigid connections, already described in 8-1-2, have been included in the 
program. In the case of a partial strength connection, when first hinge forms at the joint, 
the support moment is thereafter kept constant while the load increases to form the 
plastic hinge at midspan. Effectively. it is assumed that a horizontal plateau has been 
reached on the connection M ~ curve. The load factor and the bending moments at nodes 
along the beam are found from equilibrium. The nodal curvatures are found and 
integrated to find the required rotation of the connection for this mechanism. 
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In the case of a full strength connection, when the first hinge forms in the beam at 
the support, the program ends because the behaviour of the beam from now onwards 
depends on the classification of the section in hogging. For the first hinge at midspan, the 
nodal moments and then curvatures are found and integrated to find the rotation of the 
connection. The flowchart of the computer program is given in Fig. 8-6. 
For propped constructi<;>n, it is assumed that no rotation occurs in the steel 
connection in the construction stage, although it is known that in reality some rotation 
may occur depending on the spacing of the props. For unpropped construction, the initial 
rotation in the steelwork connection is found by using the beam line method with the 
initial secant stiffness of the steel joint which is input as data (see Fig. 8-7). The 
composite connection is then assumed to possess this initial rotation after construction is 
completed. 
The EC4 recommendations for the effective breadth of the concrete slab were 
included in the program: 
sagging region be - 0.175 L 
hogging region be - 0.125 L 
The program was also modified so that it could deal with both a solid slab and a 
composite slab. In the latter case, the depth of the decking is input while it is taken as 
zero for solid slab. 
8-3-5-Verification of Computer Program 
To verify the original program, hand calculations were performed to check the 
equilibrium of the forces calculated by the program as acting on the cross sections and 
along the beam. The computed ultimate hogging and sagging moment resistances were 
also checked against the values calculated using the standard formulae given in Appendix 
B of BS5950:Pt 3.1. The iterations in the program which lead to the compatibility 
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condition of zero slope at midspan were also followed by hand calculation. 
Having verified the original program, the subroutine for semi-rigid connections was 
added and checked to ensure computed connection moment and rotation did lie on the 
M -+ curve with the moment at the support. Furthermore, a very stiff connection was 
assumed and semi-rigid program was run; the results were close to the results of fixed-
end beam using the original program. Equilibrium and compatibility conditions were 
also checked for the beam with semi-rigid connections in a similar manner to previously. 
8-3-6-Application of Plastic Analysis to Non-Plastic Sections 
Since the program develops plasticity in all slices of the steel section, only 
composite beams with Class 1 sections should be dealt with by the program. In the 
analyses in this chapter, it has been assumed that all sections can develop their full 
plastic moment resistance. This was made in order to study the rotations required for 
plastic global analysis. However. the tests reported earlier provide some physical 
justification for the classification of the webs if they are not "plastic". 
Considering the connection of Test I, no sign of local buckling was observed in the 
Class 3 composite beam section, although the connection was full strength (see Fig. 6-6). 
This implies the possibility of assuming the beam of Test 1 to be treated at least as Class 
2 Compact. which can develop the full plastic moment resistance of the composite 
section. This confirms the "hole-in-the-web" approach of BS5950:Pt 3.1 for calculation 
of resistance in such sections. By definition, a Class 2 section does not sustain the plastic 
moment resistance. However. in Test 1 the applied moment exceeded that of the beam's 
plastic resistance for significant rotation without any local buckling, indicating Class 1 
behaviour. 
The composite beam of Test 7 used more reinforcement and had also been classified 
as Class 3. The whole depth of the beam web was in compression as the plastic neutral 
axis was in the top flange due to the presence of so much reinforcement. The moment 
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values are as following: 
calculated moment resistance of composite connection 
calculated plastic moment resistance of 
composite beam (accounting for "hole-in-the-web") 
264 kNm(R) 277 kNm(R+M) 
271 kNm(R) 281 kNm(R+M) 
first sign of local buckling in the beam flange 252 kNm 
maximum experimental moment after significant buckling 298 kNm 
It is seen that in practice the connection is full strength, with a maximum test moment 
10% more than the beam moment resistance Oii=1.1 in Fig. 6-6). Although the first sign 
of local buckling in bottom flange was observed at 252 kNm (which is less than the 
calculated resistance of the connection or the beam resistance moment), it may be 
concluded that plastic design calculations are applicable to such a beam and connection 
because moments higher than the calculated resistances were sustained by the beam with 
significant rotation. 
8·4·Maximum Redistribution of Moments 
Both BS5950:Pt 3.1 and Eurocode 4 give two approaches for the elastic global 
analysis, namely gross section method and cracked section method. They pennit 
redistribution of support moments, depending on the method used and the classification 
of the section at each internal support. The permitted redistribution of support moments 
in BS5950:Pt 3.1 and EC4 are compared in Table 8-1. It should be noted that these codes 
assume that the bare steel connection is fully rigid. 
In BS5950:Pt 3.1. 10% less redistribution is permitted if the cracked section method 
is used. In EC4. the same difference is adopted for beams with negative regions in Class 
3 or 4. For Class 1 or 2 sections, it gives a difference of 15%. This is because the 
difference between support moments given by uncracked and cracked analysis increases 
with the ratio of depth of slab to depth of steel section. This ratio is generally higher for 
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sections in Class lor Class 2 (Anderson & Johnson(1992». 
Interim suggestions have been made on the possible maximum redistribution of 
moments in the beams with semi-rigid connections (Lawson(1991), but none of the 
codes has yet given criteria for the design of such members. As mentioned earlier, EC4 is 
still lacking instructions on semi-rigid composite connections generally, and 
consequently, no indication of the effect of such connections has been given in the code. 
The studies reported here aim to obtain some indication of the amount of redistribution 
that may occur in a composite beam with semi-rigid connections. 
8-4-1-Pilot Study 
In order to gain an overall view of the subject of redistribution of moments in semi-
rigid composite beams, a pilot study was made. 
Consider the beam of Fig. 8-8(a) with a span of L under uniformly distributed load 
w. The redistribution ratio r is defined as the ratio of moment that has been shed from the 
support to the midspan, to the rigid elastic moment at the support. Therefore the moment 
at the beam end following redistribution is: 
(8.4) 
where Mh and Me are the support moment after and before redistribution as shown in 
Fig.8-8(b). The following equation can be written: 
(8.5) 
which gives the plastic sagging moment resistance as: 
(8.6) 
The value of r' can then be found in terms of the plastic sagging moment as: 
r' - 1.5- ~b Mpl (8.7) 
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For a known value of sagging moment resistance and a given value of r' (or r), the 
applied uniformly distributed load is: 
2 Mp! 12 Mp! 
w • 1 (l.5-r')U· (O.5+r)L2 (8.8) 
The composite beams similar to those used in the experimental work were chosen as 
test results of the end connections were then available. The beam of Test 1 was 
considered, assuming propped construction with the connection stiffness as obtained in 
the test and the following data: 
steel beam 305x165UB40, with span = 9.0 m, 
reinforcement at support 905 mm2, with!,. 460 Nlmm2 and 'Ym=1.15, 
concrete Grade 30, with!cu· 30 Nlmm2 and 'Ym=1.50, 
composite joint end plate, with Mpc. 219 kNm from Table 6-1. 
Assuming a redistribution percentage of 40% (r=O.4, r'=O.6), the load w which 
caused the resistance of the connection to be attained was calculated as 54 kN/m. Using 
Eqn. (8.6), the corresponding sagging moment was 329 kNm. To sustain this moment 
with the chosen section, a strength /yJ for the steel section would need to be 290 Nlmm2 
which is in the range of Grade 43 steel. For these limiting hogging and sagging 
conditions to be reached, the program calculated a connection rotation of 27 mrad, which 
is comparable with the rotation of 28.0 mrad achieved at the maximum moment in Test 
1. 
To examine the beam further, different grades of steel were taken and the beam was 
analysed to determine the connection rotation and degree of redistribution required to 
attain a full plastic beam mechanism. The connection resistance moment could still be 
kept the same, since the weaker components in Test 1 were the column flange and 
reinforcement, i.e. the connection moment resistance was not dependent on the beam's 
yield strength. The results are tabulated in Table 8-2. The analysis of the beam with 
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Grade 43 steel, for which test results are available, gives a rotation of 22.9 mrad for the 
attainment of full plastic mechanism (Fig. 8-8(c». The rotation achieved at the 
maximum moment in Test 1 was 28.0 mrad which is sufficient compared to the required 
value of 22.9 mrad. Thus the permitted redistribution for plastic sections given in 
BS5950:Pt 3.1 as 40% is safe for this example. 
This last procedure was ~arried out for the deeper beam of Test 10 (457xI52UB52) 
with a span of 11.5 m and the connection moment of 328 kNm as given in Table 6-1. The 
material properties of concrete and reinforcing bars were the same as given above. The 
results are tabulated in Table 8-3. It is seen that the rotation capacity of the connection in 
Test 10 is significantly less than the rotation required in the plastic analysis of composite 
beam with Grade 43 steel (as used in the test). Much less redistribution would then have 
to be allowed, unless the ductility of the connection could be increased e.g. by adjusting 
the amount of reinforcement. 
From comparison between Tables 8-2 and 8-3 it follows that greater redistribution 
of support moments is needed in a deeper beam to attain the plastic mechanism. This is 
associated with a modest need for extra rotation capacity of the connections. It is also 
concluded that higher grade of steel results in more redistribution of moments being 
required but a considerable increase in rotation capacity will also be necessary. 
8-4-2-EtTect of Reinforcement on Redistribution of Moments 
For a beam with constant sagging moment resistance, the support moment can vary 
according to the amount of reinforcement provided. The greater percentage of 
reinforcement results in the greater support moment which in turn increases the load 
carrying capacity of the beam. For more reinforcement and a given value of loading, 
there is less need for the redistribution of moments, since the support section is capable 
of resisting more moment. On the other hand, when less reinforcement is provided, more 
redistribution is needed. For different amounts of reinforcement therefore. different 
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values of maximum moment redistribution can be defined. 
As explained in Chapter 6, in general the more reinforced connections possess 
greater rotation capacity. This capacity is necessary to provide moment redistribution. 
Therefore, the more reinforced sections in the hogging region allow more redistribution 
to take place, although, as mentioned above, there is less need for moment redistribution 
in beams with such sections. 
When uncracked analysis is used, both BS5950:Pt 3 and EC4 permit up to 40% 
redistribution for Class I, reducing to 10% for Class 4 section. The values of support 
moment after redistribution can be found for these permitted percentages. The following 
equation for hogging and sagging moment exists when the plastic moment at midspan is 
reached: 
(8.9) 
For a certain amount of moment redistribution the values of sagging and hogging 
moments can be derived from Eqns. (8.6) and (8.9) as: 
wLl 
Mps - (1+2r)24 
The support moment then can be found for different amounts of redistribution: 
Class Redistribution % Support Moment 
1 40 0.667 Mpl 
2 30 0.875 Mp! 
3 20 1.143 Mps 
4 10 1.500 Mp! 
(8.10) 
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When the amount of reinforcement at the support increases, the classification of the 
section may change from Class 1 to Class 2 or 3. This is due to shift in the position of 
plastic neutral axis which results in more depth of web being in compression (Class 4 
does not occur usually unless a very high amount of reinforcement is provided with the 
steel section itself being Slender). The greater resistance of the more reinforced section 
tends to offset the greater support moment due to less redistribution. However, as plastic 
resistance for a Class 3 section necessitates use of an effective web, there is also a 
tendency for the resistance to reduce with increased reinforcement, or at least for further 
reinforcement to be less effective. 
The above discussions and those in Chapter 6 regarding the optimum amount of 
reinforcement for composite connections imply that a proper selection of reinforcement 
should be made for an efficient design. This part of the study concerns the connection 
rotations required for a full plastic mechanism of the beam when the amount of 
reinforcement in the connection is varied. The moment-rotation curves obtained from 
Tests I, 3 and 7 in which 0.5%, 1.0% and 1.5% reinforcement was used respectively, 
were used in the analyses. The maximum test values of connection moment are those 
from Table 5-2 which include 4 kNm to account for self weight of the beam. 
Accordingly, 4kNm was added to the applied test moments for the connection data. 
Propped construction with the following data has been assumed: 
Steel beam 305x165UB4O, Grade 43 withfy=275 Nlmm 2• 
Reinforcement 4,8 and 12 T12 bars,fy,=460 Nlmm 2• 
Concrete Grade 40, feu =40 N Imm 2• 
The results of the analysis of three beams with the variable reinforcement are 
tabulated in Table 8-4. As seen, the more reinforced section in hogging region needs less 
rotation at the end connection for a plastic mechanism. It will be recalled that the test 
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results show that more reinforced connections possessed greater rotation capacity, and 
those with less reinforcement exhibited a less-ductile behaviour with less rotation 
capacity. It is therefore concluded that to adjust the reinforcing material to provide a 
rotation capacity which matches that required from the joint. an optimum amount of 
reinforcement should be used. For convenience in design, the author suggests an amount 
of 1 % reinforcement with respect to the area of concrete slab (above decking) within an 
effective breadth as given in EC4 and BS5950:Pt 3. 
8-4-3-Redistribution of Moments in Composite Beams with 1 % Reinforcement 
The above discussions show that the subject of moment redistribution is interrelated 
to the rotation capacity of the connections. In this section, a number of composite beams 
comprising British steel sections in the practical range of span and depth are analysed. 
Both Grade 43 and 50 are assumed. The material properties and safety factors are as 
those used in 8-4-1. The behaviour of the end connections is taken as that given in Fig. 
8-9. The effective breadths in hogging bending and the subsequent amounts of 
reinforcement used in the analyses are given in Table 8-5. 
In these analyses, both propped and unpropped conditions have been considered. 
The construction load for unpropped situation has been taken as 10 kN/m. No initial load 
on the beam has been assumed for propped construction. For unpropped construction, the 
secant stiffness of the steel end plate connection at two-thirds of its maximum resistance 
obtained in Test 9 was first taken. This stiffness is for a beam depth of 305 mm. For other 
steel sections the following equation was used to account for variable beam depth: 
D CD - C (W) 
where C is the secant stiffness of the steel joint with a 305 mm deep section and CD is 
that for a section with a depth of D. To correct this stiffness for Grade 50 steel, the 
following expression was assumed which had been concluded from averaging a number 
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of available results of connection tests: 
CDG - 1.136 CD 
The values taken for secant stiffness of steel connection are tabulated in Table 8-6. 
First, a percentage of redistribution is assumed. The support moment resistance is 
then found from Eqn. (8.10) using the sagging plastic moment resistance. The stiffness 
and the moment resistance of the joint are then both known. Analysis can therefore be 
performed and the required rotation for development of a plastic mechanism computed. 
Initially, the maximum percentage of redistribution permitted in the codes (40%) is 
examined. The results are given in Table 8-7 for spans of 6.0, 9.0 and 12.0 m. 
Then 50% redistribution is assumed which results in a support moment equal to half 
of that at midspan (Eqn. (S.10». The results are given in Table S-S. 
Comparing Tables 8-7 and 8-8, the required rotations for the assumed 
redistributions are less in the propped analysis. It should be noted that in these tables, the 
values of w for unpropped construction are the applied loads to the beam after the 
attainment of composite action. From Tables 8-7 and 8·8 the following conclusions can 
be drawn for composite beams with 1 % reinforcement in hogging region and comprising 
end plate connections at the ends: 
a) Generally, more rotation is required for development of plastic mechanism in the 
beams with smaller steel sections for the same span. 
b) Generally, greater spans require more rotation capacity for the end connections. 
c) Grade of steel does not have a direct effect on the required rotation of the 
connection, because change in the steel grade alters simultaneously the moment 
resistance of composite beam in sagging and hogging bending, as well as the 
moment resistance of the composite connection which was taken as proportional to 
the sagging moment in this study. 
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d) More redistribution of moments necessitates greater rotation capacities for the 
connections. 
e) For 40% redistribution and propped construction, the values of required rotation for 
the joints are in the range of available test data for connections comprising 1 % 
reinforcement (see Chapter 6). 
t) For 50% redistribution and propped construction, a rotation capacity of up to 35 
mrad is required of the joints. It is not always possible to achieve this unless the 
amount of reinforcement is increased. In that case, less redistribution will be 
required, since the connection and the beam at the support are capable of absorbing 
more moment. Therefore, assuming more redistribution than 40% is not advisable. 
Finally, it should be remembered that it is possible to reduce the rotation 
requirements by not utilising the whole of the sagging resistance of the beam. 
8-S-Required Rotation of Composite Connections 
In this section the rotation that occurs in the connection to develop a full plastic 
mechanism is considered, based on varying connection resistance On < 1.0) and on 
varying stiffness. 
When load is applied to a composite beam with semi-rigid connections at its ends, 
elastic curvatures take place along the beam in sagging and hogging regions associated 
with rotation at the end joints. At each load level, the compatibility condition implies that 
the connection rotation is dependent on the deflected shape of the beam. 
As more load is applied, plastic deformations also take place which are added to the 
elastic ones. The plastic mechanism will be reached when yielding of the midspan and 
support sections is complete. 
A plastic hinge at the support may form either in the joint or the beam under 
hogging bending. The rotation of the joint at this stage is still dependent on the deformed 
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shape of the beam which can be found by integration of curvatures, satisfying the 
compatibility condition. This procedure was explained in section 8-2 and has been 
followed in the program to study the subject of required rotation, as described in 8-5-1 
below. In section 8-5-2, a formula will be proposed for calculation of required rotation 
capacity based on the above explanation. 
8-S-1-Initial Studies 
In order to examine the required rotation of the joints the following study was 
undertaken. Various beam sections and spans, and variable connection behaviour , were 
employed. Propped analysis was carried out with the following data: 
Steel grade Grade 43 with/y=275 Nlmm2• 
Reinforcement 1 % of the area of concrete above decking within the effective breadth, 
withfy,=460 Nlmm2 and Ym=1.15. 
Concrete Grade 30 with feu =30 Nlmm2 and Ym=1.5. 
A "standard procedure" was chosen. The connection data was given as the rigid, 
full-strength boundary in EC4 for composite joints in braced frames (Fig. 8-1O(a». 
Initially, the hogging resistance of the beam was taken as the ultimate moment of the 
connection and a distributed load was applied. The first hinge occurred at midspan and 
the corresponding rotation of the connection was found. Then the connection data was 
given using the same trilinear curve but reducing the plateau to fractions of the hogging 
resistance moment of the beam. In most of these analyses, the first hinge formed at the 
supports and then load increased until the midspan hinge formed. The required rotation to 
develop the mechanism was found for each fraction of the beam's resistance. 
Sample results of the analyses are given in Table 8·9. The tabulated values are for 
situations where first plastic hinge formed at the connection and was then followed by a 
plastic hinge at midspan. The following can be concluded from this numerical study: 
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a) The required rotation increases non-linearly as the resistance of the connection 
decreases. 
b) As expected, the load factor for beam collapse increases linearly as the connection 
strength increases. Examples are given in Fig. 8-11 for 11.5 m span. 
c) The required rotation is generally more for larger spans. 
d) The required rotation in most cases is less for deeper sections with the same span. 
Hence conservative design of composite beams results in less restrictive 
requirement for rotation capacity of connections. 
In order to examine the effect of variable connection stiffness, the beam sections 
used in 8-4-3 were chosen and propped analysis was carried out. In the analyses, the 
initial rigid boundary for composite connections in braced frames was taken from EC4. 
Then the trilinear curve was altered so that the two characteristic ~ values (0.125 and 0.2) 
were multiplied by factor ~ ranging from 1.0 to 4.0, as shown in Fig. 8-10(b). For each 
curve the same procedure of decreasing connection strength to fractions of the beam 
resistance (Fig. 8-10(a» was followed. 
In assessing the values of rotation required to develop a mechanism in the beam, it 
was found that this rotation was unique for the identical ultimate resistances of the 
connection, regardless of the moment-rotation path that the connection had followed. 
This achievement seemed rather surprising, so it was examined further by using the beam 
line method which confirmed the computer analysis. A sample check is given in 
AppendixH. 
To avoid repetitious tables, only the end rotations resulted from analysis of the two 
beam sections used in the author's tests are given in Table 8-10. It is seen from the table 
that provided the first hinge forms in the connection, the flexibility of connection does 
not influence the rotation needed for plastic mechanism, rather its resistance determines 
the required rotation. This conclusion results in simplifying the search for criteria for the 
required rotation capacity of partial strength connections in composite frames. As a 
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consequence, the calculation of required rotation can be based on the connection 
resistance proportional to the moment resistance of the connected beam, either in 
hogging or sagging bending. 
The flexibility of connections may result in the formation of plastic hinge in 
midspan before the attainment of maximum resistance of the joint. This is shown in 
Table 8-10 for a very flexible connection (~.O). 
8-S-2-Derivation of Formulae for Required Rotation 
The rotation that takes place at the joint is the resultant of the elastic and plastic 
rotations along the beam. It is assumed that the connection and the midspan section 
become plastic not the beam section at the support, i.e. partial strength connections are 
assumed. 
8·5·2·1·Elastic Rotation 
This is determined by standard theory, as now shown. 
The elastic rotation of the beam end under a distributed load w with a support 
moment of Mj can be written as (see Fig. 8·12(a»: 
e wL3 ~ t - "'!4l!T- (8.11) 
Assuming the ratio of support moment to the maximum sagging moment is k 1, for 
yielding at midspan: 
Also: 
The elastic rotation of the connection will then be: 
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a LL t - (1+kl) My! "'JET - kl My! "'Ill 
which gives the following equation for the elastic rotation of the beam end: 
(S.12) 
8·5·2·2·Plastic Rotation 
Initially, formulae are presented following Gibbons(1992). 
The plastic rotation taking place at the beam end can be derived from the length of 
the yielded zone in the beam under sagging bending (see Fig. S·12(b»: 
wx2 
My! - M p!-2 
Defining s as the shape factor of the composite section in sagging bending: 
if!:M! S • y! 
and taking the plastic sagging moment resistance as: 
WL2 
Mp! - S(l+k) 
where k -~ to express the joint moment with respect to the plastic moment resistance Mp; 
in sagging bending. The yielded length of the sagging region will be written as: 
I L[ s-1 ]112 y - -,; s(1+k) (S.13) 
From Fig. g·12(b) the plastic rotation along the length Iy can be written in terms of strain 
developed in the beam's bottom flange at the midspan, and at the distance Iy from the 
midspan: 
1 1 6p - "1 (£mldspan -£y)jfr (8.14) 
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where D I is the distance of plastic neutral axis from beneath the bottom flange of the 
beam. The strain condition at midspan depends on the initial strain due to propped or 
unpropped construction. Considering propped construction, the initial strains are 
dependent on the spacing of props, e.g. propping at midspan or two-thirds etc. The author 
assumes that no initial strain exists in the sections along the sagging region. This is in 
contrast to Gibbons(1992) who assumed the beam was propped only at midspan. In 
unpropped construction, the strain at the section is the sum of initial and subsequent 
strains. 
The strains at the midspan section are calculated in Appendix G of this thesis with 
simplifications suggested by Gibbons(1992). He takes a value of 1.3 as the shape factor 
and assumes that the neutral axis in the midspan section is at the bottom face of decking 
in elastic phase and at the top face of decking in plastic phase. For the cases considered 
in Appendix G, the author shows that a strain of about 4.5£, in fully-propped and 6.0£y in 
unpropped construction takes place in the beam's bottom flange at midspan in order to 
develop at least 95% of the plastic sagging resistance. 
8-S-2-3-Required Rotation 
With the simplifications made in Appendix G, the elastic and plastic rotations from 
Eqns. (8.12) and (8.14) can be written for propped construction as: 
at - 0.33 ~fj (l-o.65k) (8.15) 
ap - 0.38 'it (1+k)-ll2 (8.16) 
where k - .!!!.L - .!.rk 1 is used to express the joint moment with respect to the plastic 
Mpl 1.'" 
moment resistance in midspan. 
The required rotation of the connection for compatibility is then the sum of the 
above rotations: 
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~ - lis [0.33-o.21k-H>.38 (l+k)-lJ2] (8.17) 
Since the simplifications in Appendix G are based on the beams of Grade 43 steel used in 
the author's tests, a factor multiplies the rotation obtained from Eqn. (8.17) to correct it 
for Grade 50 steel: 
~ - 0.88 'ifj [0.33-o.21k-H>.38 (l+k)-lJ2] (8.18) 
Gibbons has derived similar equations for beams with other types of loading. He has 
given the following equation for uniformly distributed load: 
~ - ex ~!s [O.33-O.21k+O.22!l(1+k)-IJ2] (8.19) 
where factors ex and n are assumed as unity for propped construction. For unpropped 
construction n is taken as 2.5 and ex as: 
ex live load 
- dead load + l,ve load 
The loads are the factored values. It should be noted that in his formule, props are 
assumed to be located at the beam midspan which results in a hogging-type strain block 
at the midspan section under construction loads. He simplified the equations for various 
type of loading into a single expression for the required rotation of the connection: 
~ - 'iE (0.7~-o.2k) (8.20) 
in which ex has been approximated to 0.7, and the values of ~ are defined as follows: 
Propped Unpropped 
Two point load 1.0 1.25 
Uniform load 0.8 0.9 
Single point load O.S 0.5 
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The author disagrees with the application of a to the end rotation to take account of 
unpropped construction for two reasons: 
1) The total rotation which includes elastic and plastic rotations should not be 
multiplied by a single factor. The state of the end rotation at the completion of 
construction phase can separately be calculated (which is normally elastic) and 
considered as the initial rotation at the service phase. 
2) The propped and unpropped construction were already taken into account in 
deriving the plastic rotation where strain in bottom flange of beam at midspan was 
calculated. 
Instead. alteration in the elastic rotation is proposed as follows. The initial rotation 
of the end of the steel beam at construction stage can be written as: 
L ¥hL 'I -(Msi + MJI)"'Jll; - I 
where Msi is the sagging moment of steel beam and MJI is the joint moment at the 
construction stage. The sagging bending moment due to construction load (assumed 10 
kN/m) has been checked for several beams with steel connections having stiffnesses as 
those given in Table 8-6 • using the beam line method. and found to be 1-1.7 times the 
support moment. Assuming Msi - t MJI. the above equation can be written as: 
It is further assumed that: 
M ( dead load ) M 03M }I - dead hid + live load J - • J 
where MJ is the moment resistance of composite joint. Assuming also the ratio of the 
second moment of area of steel section to uncracked composite section as 0.4. and taking 
(8.21) 
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To find the elastic rotation at the beam end, the initial rotation of Eqn. (8.21) should be 
deducted from that of Eqn. (8.12): 
(8.22) 
Assuming the shape factor s - 11$ =1.3, the elastic rotation will be: 
Y$ 
$e - 0.331;; (l-O.93k) (8.23) 
The total rotation of the end connection is the sum of the elastic rotation from Eqn. (8.23) 
and the plastic rotation obtained in Appendix G for unpropped beam: 
$ - 'if; [0.33-O.31k+O.SS(l+k)-1I2] (8.24) 
Since the simplifications made in Appendix G are based on Grade 43 steel, Eqn. 
(8.24) is corrected for Grade 50 steel: 
q, - 0.88 'is [0.33-O.3lk+O.S5(l+ktl12 ] (8.25) 
8-5-3-Verification of Proposed Formulae 
In order to check the formulae derived in section 8·5·2 against the actual beam 
behaviour, a number of composite beams comprising composite slabs and semi rigid 
connections at the beam ends were analysed by the computer program under uniformly 
distributed load. The selected beams covers the following range: 
Steel section from 203x133x30 UB to 61Ox229x101 UB. 
Steel grade Grade 43 and Grade SO. 
Span 6.0,9.0 and 12.0 m. 
Reinforcement 1% of the area of concrete above decking within the effective breadth, 
withfy,=460 Nlmm2 and Ym=1.15. 
Concrete Grade 30 with feu =30 Nlmm 2 and Ym=1.50. 
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The effective breadths and subsequent amounts of reinforcement used in the 
analyses are as given in Table 8-5. The connection behaviour was assumed to be that of 
the boundary between rigid and semi-rigid connections in EC4 with the connection 
resistance taken as the fractions of the moment resistance of the beam in hogging 
bending, as shown in Fig. 8-1O(b). The behaviour of steel connection in unpropped 
analysis was as described in 8-4-3. 
In almost all beams with partial strength connections, the first hinge formed at the 
connection followed by the binge at the midspan. This was the situation in which the 
influence of connection flexibility on the required rotation at the beam end would be 
eliminated. It was described in section 8-5-1 that the required rotation of the beam for a 
plastic mechanism is independent of the connection stiffness as far as partial strength 
connections are concerned. 
The results of the numerical analysis are compared with the calculated rotation 
capacities in Tables 8-11 to 8-16. The first three tables belong to propped construction, 
whilst the other three relate to unpropped construction. Each series consists of 6.0, 9.0 
and 12.0 m spans with the span to depth (steel beam) ratio between 15 and 30. In these 
tables the end rotations have been computed for developing 95% of the plastic resistance 
of the midspan section. 
8-5-3-1-Propped Construction 
From Tables 8-11 to 8-13 for propped construction, it is seen that Eqn. (8.18) gives 
values quite close to the analysis results. 
For the 6.0 m span, the calculated values are 5% to 50% greater than the exact 
values. The equation produces better results for Grade 43 than Grade 50 and also for 
smaller values of k. 
For the 9.0 m span, the difference between calculated and exact values is from -15% 
to +20% (negative sign means the equation underestimates rotation). Eqn. (8.18) results 
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in closer values of rotation for Grade 50 steel. 
For the 12.0 m span, there is a better agreement between calculated and exact values 
for both grades of steel; the difference being between -12% to +12%. 
It is concluded that Eqn. (8.18) results in the closer values of required rotation for 
the larger spans of 9.0 and 12.0 m which are most likely in construction practice. 
8-5-3-2-Unpropped Construction 
For unpropped beams, the calculated values using Eqn. (8.25) are compared to the 
results of exact analysis and those resulted from both the original and simplified 
equations suggested by Gibbons(1992). It is seen from Tables 8-14 to 8-16 that generally, 
the Gibbons's original equation (Eqn. (8.19» underestimates the required rotation 
particularly for spans of 9.0 m and 12.0 m. His simplified equation (Eqn. (8.20» gives 
better results than the original one, the difference to exact rotations being between -54% 
and 15%. 
The calculated values using Eqn. (8.25) are in most cases greater than the exact 
rotations. In general, better results are obtained compared to those from Gibbons's 
equations. The difference between the author's results and the exact values is from -10% 
to +40%. 
It is concluded therefore that Eqn. (8.25) proposed by the author gives more 
accurate and safer values for required rotation. It is safer because underestimation of the 
end rotation would result in the design of a beam the supports of which are not capable of 
developing the rotation needed for the assumed plastic behaviour. 
8.5·4.Required Rotation for Attainment of Full Sagging Moment Resistance 
In the derivation of formulae for the required rotation of connections, it was 
assumed that if only 95% of sagging moment resistance is reached, this is sufficient in 
the design of composite beams. In the numerical studies, the required rotation for the 
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attainment of 100% sagging moment resistance has also been found from computer 
analysis. 
The same beams as used in 8-5-3 have been assumed with similar support moments 
(shown in Fig. 8-9). Sample results are presented in Figs. 8-13 to 8-1S for Grade SO steel 
and spans of 6.0,9.0 and 12.0 m. These figures relate to propped construction. 
As mentioned earlier, the grade of steel has a modest influence on the amount of 
required rotation. This is because the shape of bending moment diagram and the gradient 
of moment is similar for both grades. Furthermore, the connection strength in these 
analyses has been assumed proportional to the moment resistance of the beam in hogging 
(or sagging). Thus, unique charts may conservatively be presented for the both grades of 
steel by taking the greater values of rotation which occurred in the beams of Grade 50 
steel. 
In order to produce a chart suitable for design purposes, the computed results of 9.0 
m span beam are taken. An empirical factor is introduced in terms of the beam length to 
take account of the various spans, as described below. The chart of Fig. 8-16 has been 
obtained by modifying the plots of Fig. 8-14 for span to depth ratios from 15 to 30. 
Having assumed a support moment with respect to the plastic moment resistance of the 
composite beam in sagging bending, associated with a known span to depth ratio, a value 
for rotation capacity can be found, to assist in designing the end connections. The 
rotation found from this chart shoud be multiplied by factor Sm to be corrected for the 
beam length: 
Sm _ (j )0.4 
where L is the beam span in meters. This factor covers composite beams with 1 % 
reinforcement having a span of between 6.0 to 12.0 m under uniformly distributed load. 
The concrete grade would not be influential since in the author's investigations the depth 
of concrete in compression has always been found much smaller than the depth of 
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concrete in the slab. 
Sample checks for 6.0 and 9.0 m spans are summarized in Table 8-17. As seen from 
the table, the chart generally gives conservative values for the required rotation. A 
similar chart may be produced for unpropped beams. 
8·6·Conclusions 
In this chapter, methods of analysis of composite beams were considered. 
Redistribution of moments in elastic analysis and the required rotation capacity in plastic 
analysis were discussed. A computer program was introduced and used to study these 
subjects. The longitudinal reinforcement was proposed to have a total area of 1 % with 
respect to the area of concrete above decking within the effective breadth (as given by 
EC4 and BS5950:Pt 3.1) to provide optimum rotation capacity. The following 
conclusions can be drawn from the numerical analyses of composite beams with 1 % 
reinforcement: 
1) Adopting a greater steel section for the composite beam of a specified span will 
reduce the required rotation capacity of the end connections for a full plastic 
mechanism. 
2) Generally. greater spans require more rotation capacity for the end connections in 
order to develop a full plastic mechanism. 
3) More redistribution of moments in composite beams necessitates more rotation 
capacity for the end connections. 
4) The maximum percentage of redistribution of moments given as 40% in EC4 and 
BS5950:Pt 3.1 is an appropriate value for both propped and unpropped composite 
beams. Although more redistribution of moments may be possible in conservatively 
designed beams. values greater than 40% are not advisable. 
·341· 
5) Greater percentages of redistribution than those given by EC4 and BS5950:Pt 3.1 
may be assumed for non-Plastic composite sections if further justification is 
provided. This is based on the satisfactory behaviour of Class 3 composite sections 
subjected to negative moment in the author's tests. 
6) It is possible to reduce the rotation requirements of connections by not utilizing the 
full sagging moment resistance of the composite beam. 
7) The flexibility of partial strength connections does not influence the rotation needed 
for plastic mechanism, rather its resistance determines the required rotation. Very 
flexible connections may cause the first hinge to form at midspan. 
8) The required rotation of the end connections can be found from the elastic and 
plastic rotations of composite beam. The expressions proposed by the author give 
generally safe and sufficiently accurate estimations of the required rotation. 
9) Design charts can be provided for determination of the required rotation capacity in 
design of composite connections of semi-continuous frames. 
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Table 8-1, Maximum percentage of redistribution of support moment in 
BS5950:Pt 3.1 and EC4:Part 1 
METHOD Class 1 Plastic Class 2 Class 3 
CODE OF Semi-
ANALYSIS Non-reinforced Generally Compact Compact 
BS5950 Uncracked 50 40 30 20 
Pt 3.1 Cracked 40 30 20 10 
EC4 Uncracked 40 40 30 20 
Part 1 Cracked 25 25 15 10 
Table 8-2, Results of the pilot study on redistribution of moments (Test 1) 
GRADE /ys Mcc Mph Mps UDL REDISTRffiUTION 
OF PERCENTAGE 
STEEL Nlmm2 kNm kNm kNm kNlm % 
43 275 219 292 329 54 40 
50 355 219 333 419 63 49 
S5 4S0 219 434 508 72 5S 
Table 8-3, Results of the pilot study on redistribution of moments (Test 10) 
GRADE /y, Mcc Mph MpI UDL REDISTRmUTION 
OF PERCENTAGE 
STEEL Nlmm2 kNm kNm kNm kNlm % 
43 275 328 467 554 53 44 
50 35S 328 570 717 63 53 


















Table 8-4, Results of analysis of beams with variable reinforcement 
REINFORCEMENT Mcc Mph M pJ REQUIRED 
PERCENTAGE ROTATION 
% kNm kNm kNm mrad 
0.5 (Test 3) 179 251 329 21.7 
1.0 (Test 1) 262 292 329 14.0 
1.5 (Test 7) 302 326 329 10.0 
Table 8-5, The effective breadths and amounts of reinforcement used 
in verification of proposed formulae 
SPAN EFFECTIVE BREADTH AMOUNT OF REThWORCEMENT 
m mm mm 2 
6.0 750 555 
9.0 1125 832.5 
12.0 1500 1110 
Note-The amounts of reinforcement have been calculated as 1 % of the area of concrete above 
decking found from multiplying (120-46)=74 mm by the effective breadth. 
Table 8-6, Stiffnesses of steelwork connections used in unpropped analysis 
(values are in kNmlmrad) 
CONNECTION STIFFNESS 
STEEL SECTION 
GRADE 43 GRADE 50 
203x 133 VB 30 10.2 11.6 
254xl46 VB 37 12.7 14.4 
305x165 VB 40 15.3 17.4 
356x 171 VB 45 17.9 20.3 
406x 140 VB 46 20.4 23.2 
457xl52 VB 52 22.9 26.0 
533x210 VB 82 26.7 30.4 
61Ox229 VB 101 30.6 34.8 
Table 8-7. Results of 40% moment redistribution 
GRADE 43 GRADE 50 
STEEL Propped Unpropped Propped Unpropped 
SPAN MpIt Mps Mpc Mpil Mps Mpc 
SECTION w • w • w • w • m kNm kNm kNm kNlm mrad kNlm mrad kNm kNm kNm kNlm mrad kNlm mrad 
203x133x30 145 186 125 69 19.2 58 21.7 175 220 147 82 19.1 71 22.6 
254x146x37 204 248 166 92 17.3 82 18.7 224 295 198 110 17.0 99 18.7 
6.0 
305xI65x40 253 297 198 110 16.7 100 16.3 290 357 238 132 15.4 122 15.4 
356x171x45 295 356 237 132 14.1 123 16.2 394 430 287 159 14.1 150 14.6 
305x165x40 273 321 215 53 24.9 43 29.9 345 397 266 65 27.8 55 30.7 




406xl40x46 361 445 298 73 24.7 63 25.7 457 542 363 89 22.7 79 25.9 
, 
457x152x52 448 531 356 88 20.8 79 28.0 570 649 435 107 20.0 97 20.3 I 
406xl40x46 399 452 303 42 27.2 32 36.4 499 569 381 53 29.1 42 37.8 
457x152x52 474 548 367 51 26.5 41 33.9 598 688 461 64 30.3 53 32.4 
12.0 
533x2lOx82 778 927 621 86 28.1 76 27.7 1037 1123 753 104 23.3 94 24.9 
61Ox229x101 1093 1230 823 114 23.4 104 25.0 1424 1502 1006 139 19.3 129 21.5 1 
~ - ~-
Table 8-8, Results 0/50% moment redistribution 
GRADE 43 
STEEL Propped Unpropped 
SPAN Mph MpI Mpc 
SECTION w • w • m kNm kNm kNm kNlm mrad kNlm mrad 
203x133x30 145 186 93 62 24.1 51 29.8 
254x146x37 204 248 124 83 19.0 72 23.5 
6.0 
305x165x40 253 297 148 99 18.9 88 20.3 
356x17lx45 295 356 178 119 16.2 109 18.3 
305xl65x40 273 321 161 48 28.3 37 34.1 
356xl71x45 329 392 196 58 28.2 47 30.1 
9.0 
406xl40x46 361 445 223 66 28.1 56 29.2 
457x152x52 448 531 265 79 22.5 70 28.9 
406xl40x46 399 452 226 38 30.7 27 41.3 
457x152x52 474 548 274 46 28.8 36 38.3 
12.0 
533x210x82 778 927 463 77 31.2 67 33.9 
61Ox229xl01 1093 1230 615 102 26.1 93 27.7 
----
-_ .. - -_ ... _---
-
Mph Mps Mpc 
kNm kNm kNm 
175 220 147 
224 295 148 
290 357 178 
394 430 215 
345 397 198 
401 475 238 
457 542 271 
570 649 325 
499 569 285 
598 688 344 
1037 1123 562 
1424 1502 751 
GRADE 50 
Propped 
































Table 8-9. Results of the initial studies on required rotation 
SPAN 6.0m 
SECTION 178x102x19 203x133x30 254xl46x37 305 xl 65x40 203x133x30 
m w • w 4» w • w 4» w • kNlm mrad kNlm mrad kNlm mrad kNlm mrad kNlm mrad 
0.8 42 17.9 67 21.4 92 16.8 III 16.4 44 21.7 
0.7 40 19.6 64 23.0 88 18.3 105 17.7 42 23.7 
0.6 38 21.0 61 24.2 83 19.5 100 18.7 40 25.4 
0.5 36 22.5 57 26.1 78 21.0 94 19.5 37 26.6 
0.4 34 24.0 54 27.4 74 22.7 88 20.9 35 28.3 
~----
L ____ L-- _____ 
~.- -- - ... _-----
SPAN 9.0m 
SECTION 305x165x40 356xl71x45 406xl40x46 457x152x52 305x165x4O 
m w 
• w • w • w • w • kNlm mrad kNlm mrad kNlm mrad kNlm mrad kNlm mrad 
0.8 53 24.5 65 25.1 73 24.4 88 21.0 34 26.5 
0.7 51 26.4 61 26.6 69 24.6 83 22.4 32 29.4 
0.6 48 28.0 58 28.9 65 27.4 79 23.7 31 31.7 
0.5 45 29.0 55 30.5 62 29.3 75 24.9 29 33.9 




______ 1 ___ ~ 
7.5 m 
254xl46x37 305x165x40 
w • w • kNlm mrad kNlm mrad 
63 24.5 74 25.1 
59 26.7 70 26.6 
56 28.2 67 28.0 
53 29.2 63 29.3 




w • w • kNlm mrad kNlm mrad 
41 25.2 46 25.3 
39 28.1 44 27.2 
37 29.3 42 28.9 
34 31.7 39 30.6 
32 33.5 37 32.3 
356xl71x45 I 








w • kNlm mrad 
56 24.9 
53 26.2 
50 28.2 I 











Table 8-10, Rotations resulted from analysis of composite beams with variable 
connection stiffness and resistance 
305x165 UB 40 457x152 UB 52 
Span=9.0m Span=11.5 m 
m 
w ~ w ~ 
kNlm mrad kNlm mrad 
0.8 53 24.5 56 24.9 
0.7 51 26.4 53 26.2 
0.6 48 28.0 50 28.2 
0.5 45 29.0 47 29.8 
0.4 43 31.0 44 30.5 
0.8 53 24.5 56 24.9 
0.7 51 26.3 53 26.3 
0.6 48 27.4 50 28.2 
0.5 45 29.3 47 29.8 
0.4 43 30.5 44 3l.1 
0.8 53 24.5 56 24.9 
0.7 51 26.3 53 26.4 
0.6 48 27.7 50 28.2 
0.5 45 28.9 47 29.8 
0.4 43 31.1 44 30.6 
0.8 ... ... ... ... 
0.7 ... ... 53 26.6 
0.6 48 27.7 50 28.2 
. 
0.5 45 29.0 47 29.8 
0.4 43 30.5 44 30.3 
... First binge fonned at midspan. 
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Table 8-11, Calculated required rotations compared to analysis results of 
propped beams with 6.0 m span 
GRADE 43 GRADE 50 
STEEL 
SECTION L Mpc k ~t.r (8.18) Mpc k ~e.r 75 
kNm mrad mrad kNm mrad 
116 0.62 15.3 19.4 140 0.64 14.4 
101 0.54 17.0 20.3 123 0.56 16.4 
203x133x30 29.0 87 0.47 18.3 21.2 105 0.48 17.9 
72 0.39 19.5 22.2 88 0.40 19.3 
58 0.31 20.7 23.2 70 0.32 20.7 
43 0.23 22.0 24.3 53 0.24 22.0 
163 0.66 12.0 15.3 179 0.61 13.2 
143 0.58 13.5 16.1 157 0.53 14.4 
254x146x37 23.4 122 0.49 14.6 16.9 135 0.46 15.6 
102 0.41 15.7 17.7 112 0.38 16.7 
82 0.33 16.7 18.6 90 0.30 17.8 
61 0.25 17.7 19.4 67 0.23 18.8 
202 0.68 10.5 12.7 232 0.65 11.0 
177 0.60 11.6 13.4 203 0.57 12.1 
305x165x40 19.7 152 0.51 12.6 14.1 174 0.49 13.1 
126 0.43 13.5 14.8 145 0.41 14.1 
101 0.34 14.4 15.5 116 0.33 15.1 
76 0.26 15.3 16.3 87 0.24 16.0 
236 0.66 9.4 11.1 315 0.73 8.9 
207 0.58 10.3 11.7 276 0.64 10.3 
356xl71x45 17.0 177 0.50 11.1 12.3 237 0.55 11.3 
148 0.41 11.9 12.9 197 0.46 12.4 
118 0.33 12.7 13.5 158 0.37 13.4 




























Table 8-12, Calculated required rotations compared to analysis results of 
propped beams with 9.0 m span 
GRADE 43 GRADE 50 
STEEL 
SECTION L Mpc k 'ex (8.18) Mpc k 'u 15 
kNm mrad mrad kNm mrad 
219 0.68 16.6 19.1 276 0.69 17.5 
191 0.60 18.4 20.1 241 0.61 19.8 
305x165x40 29.6 164 0.51 19.9 21.1 207 0.52 21.5 
137 0.43 21.3 22.2 172 0.43 23.2 
109 0.34 22.7 23.3 138 0.35 24.9 
82 0.26 24.0 24.5 103 0.26 26.5 
263 0.67 16.3 16.6 321 0.68 15.7 
230 0.59 17.9 17.4 281 0.59 17.4 
356x171x45 25.6 197 0.50 19.2 18.3 241 0.51 18.9 
164 0.42 20.4 19.2 201 0.42 20.3 
131 0.34 21.7 20.2 160 0.34 21.8 
99 0.25 23.0 21.2 120 0.25 23.1 
289 0.65 15.6 14.7 366 0.68 14.7 
253 0.57 16.8 15.4 320 0.59 16.2 
406x140x46 22.4 217 0.49 18.0 16.2 274 0.51 17.6 
181 0.41 19.1 17.0 229 0.42 18.9 
145 0.32 20.2 17.8 183 0.34 20.1 
108 0.24 21.4 18.6 137 0.25 21.3 
358 0.67 12.8 12.9 456 0.70 12.8 
313 0.59 14.0 13.6 399 0.61 14.3 
457x152x52 20.0 269 0.51 15.1 14.3 342 0.53 15.6 
224 0.42 16.1 15.0 285 0.44 16.8 
179 0.34 17.2 15.8 228 0.35 18.0 




























Table 8-/3, Calculated required rotations compared to analysis results of 
propped beams with 12.0 m span 
GRADE 43 GRADE 50 
STEEL 
SECTION L Mpc k 'ex (8.18) Mpc k 'ex 75 
kNm mrad mrad kNm mrad 
319 0.71 16.9 18.9 399 0.70 19.5 
279 0.62 18.8 20.0 349 0.61 21.9 
406xl40x46 29.8 239 0.53 20.4 21.1 299 0.53 23.8 
199 0.44 21.8 22.2 249 0.44 25.6 
lS9 0.35 23.3 23.3 200 0.35 27.4 
120 0.26 24.7 24.5 150 0.26 29.1 
379 0.69 16.3 17.1 479 0.70 18.4 
332 0.61 17.9 18.0 419 0.61 20.4 
457x152x52 26.7 284 0.52 19.3 18.9 359 0.52 22.2 
237 0.43 20.6 19.9 299 0.43 23.8 
189 0.35 22.0 20.9 239 0.35 25.5 
142 0.26 23.3 22.0 179 0.26 27.1 
622 0.67 15.8 14.7 830 0.74 14.1 
544 0.59 17.1 15.5 726 0.65 16.0 
533x210x82 22.7 467 0.50 18.3 16.3 622 0.55 17.5 
389 0.42 19.5 17.1 519 0.46 19.0 
311 0.34 20.7 17.9 415 0.37 20.4 
233 0.25 21.9 18.8 311 0.28 21.8 
913 0.74 12.1 12.4 1139 0.76 12.6 
799 0.65 13.6 13.1 997 0.66 14.4 
610x229xl01 19.9 684 0.56 14.8 13.8 855 0.57 15.8 
570 0.46 15.9 14.6 712 0.47 17.2 
456 0.37 17.1 15.4 570 0.38 18.5 



























Table 8-14, Calculated required rotations compared to analysis results of 
unpropped beams with 6.0 m span 
GRADE 43 
STEEL 
SECflON L Mpc k 'ex Gibbons Gibbons Author Mpc D 
(8.19) (8.20) (8.25) 
kNm mrad mrad mrad mrad kNm 
116 0.62 20.1 17.2 19.7 22.2 140 
101 0.54 22.1 18.0 20.3 23.6 123 
203x133x30 29.0 87 0.47 23.7 18.7 20.9 25.0 105 
72 0.39 25.3 19.5 21.5 26.4 88 
58 0.31 26.8 20.3 22.1 27.8 70 
43 0.23 28.5 2l.2 22.7 29.3 53 
163 0.66 14.5 l3.7 15.7 17.5 179 
143 0.58 15.9 14.3 16.2 lS.7 157 
254xl46x37 23.4 152 0.49 17.2 15.0 16.S 19.5 135 
102 0.41 IS.4 15.6 17.3 2l.0 112 
82 0.33 19.7 16.3 17.8 22.3 90 
61 0.25 20.9 17.0 18.3 23.5 67 
202 0.68 11.5 1l.3 l3.1 14.3 232 
177 0.60 12.7 11.9 13.5 15.3 203 
305 x 165x4O 19.7 152 0.51 13.7 12.4 14.0 16.4 174 
126 0.43 14.7 13.0 14.4 17.4 145 
101 0.34 15.8 13.6 14.9 18.5 116 
76 0.26 16.8 14.2 15.3 19.6 87 
236 0.66 10.6 10.0 11.5 12.8 315 
207 0.58 11.4 10.4 11.8 l3.6 276 
356x17lx45 17.0 177 0.50 12.3 10.9 12.2 14.4 237 
148 0.41 13.2 11.4 12.6 15.3 197 
118 0.33 14.0 11.9 12.9 16.2 158 
























































































Table 8-15, Calculated required rotations compared to analysis results of 
unpropped beams with 9.0 m span 
GRADE 43 
STEEL 
SECTION L Mpc k +ex Gibbons Gibbons Author Mpc D 
(8.19) (8.20) (8.25) 
kNm mrad mrad mrad mrad kNm 
219 0.68 22.2 16.9 19.6 21.4 276 
191 0.60 24.5 17.7 20.2 22.9 241 
. 
305x165x40 29.6 164 0.51 26.4 18.6 20.9 24.5 207 
137 0.43 28.3 19.4 21.6 26.1 172 
109 0.34 30.1 20.4 22.3 27.7 138 
82 0.26 32.1 21.3 23.0 29.4 103 
263 0.67 18.4 14.5 16.8 18.3 321 
230 0.59 20.4 15.2 17.4 19.6 281 
356xl71x45 25.6 197 0.50 22.0 15.9 18.0 21.0 241 
164 0.42 23.6 16.7 18.6 22.4 201 
131 0.34 25.3 17.5 19.2 23.8 160 
99 0.25 26.9 18.3 19.8 25.3 120 
289 0.65 17.9 12.8 14.8 16.3 366 
253 0.57 19.5 13.4 15.3 17.4 320 
406xl4Ox46 22.4 217 0.49 20.9 14.1 15.8 18.6 274 
181 0.41 22.3 14.7 16.3 19.8 229 
145 0.32 23.8 15.4 16.9 21.0 183 
108 0.24 25.2 16.1 17.4 22.3 137 
358 0.67 17.2 11.5 13.3 14.6 456 
313 0.59 18.7 12.0 13.7 15.6 399 
457x152x52 20.0 269 0.51 20.0 12.6 14.2 16.6 342 
224 0.42 21.3 13.2 14.6 17.7 285 
179 0.34 22.6 13.8 15.1 18.8 228 




k ella Gibbons 
(8.19) 
mrad mrad 
0.69 21.9 21.8 
0.61 24.4 22.8 
0.52 26.5 23.9 
0.43 28.6 25.1 
0.35 30.7 26.2 
0.26 32.8 27.5 
0.68 18.2 18.9 
0.59 20.2 19.8 
0.51 21.9 20.7 
0.42 23.6 21.7 
0.34 25.3 22.7 
0.25 27.0 23.7 
0.68 17.0 16.7 
0.59 18.6 17.5 
0.51 20.1 18.3 
0.42 21.5 19.1 
0.34 23.1 20.0 
0.25 24.5 20.9 
0.70 14.0 14.7 
0.61 15.6 15.4 
0.53 17.1 16.1 
0.44 18.5 16.9 
0.35 19.9 17.7 



























































Table 8-16, Calculated required rotations compared to analysis results of 
unpropped beams with 12.0 m span 
GRADE 43 
STEEL 
SECTION L Mpc k fex Gibbons Gibbons Author D 
(8.19) (8.20) (8.25) 
kNm mrad rrirad mrad mrad 
319 0.71 26.2 19.2 21.5 25.6 
279 0.62 27.5 19.8 21.9 26.7 
406x140x46 29.8 239 0.53 28.8 20.4 22.4 27.8 
199 0.44 30.1 21.1 22.9 28.9 
159 0.35 31.5 21.7 23.3 30.1 
120 0.26 32.8 22.3 23.7 31.4 
379 0.69 21.3 15.0 17.4 18.9 
332 0.61 23.6 15.8 18.1 20.3 
457x152x52 26.7 284 0.52 25.5 16.6 18.7 21.7 
237 0.43 27.4 17.4 19.4 23.2 
189 0.35 29.3 18.2 20.0 24.7 
142 0.26 31.3 19.1 20.6 26.3 
622 0.67 18.0 13.1 15.1 16.7 
544 0.59 19.5 13.7 15.6 17.8 
533x2lOx82 22.7 467 0.50 20.8 14.4 16.1 19.0 
389 0.42 22.2 15.0 16.6 20.2 
311 0.34 23.6 15.7 17.2 21.4 
233 0.25 ·25.0 16.4 17.7 22.7 
913 0.74 13.4 11.2 13.0 14.1 
799 0.65 14.7 11.8 13.5 15.1 
61Ox229x101 19.9 684 0.56 16.0 12.4 14.0 16.2 
570 0.46 17.1 13.0 14.4 17.3 
456 0.37 18.4 13.6 14.9 18.5 
342 0.28 
_!9·L 14.2 15.4 19.6 
-
Mpc k 'ex 
kNm mrad 
399 0.70 24.6 
349 0.61 27.5 
299 0.53 29.9 
249 0.44 32.2 
200 0.35 34.6 
150 0.26 37.0 
479 0.70 22.4 
419 0.61 24.7 
359 0.52 26.8 
299 0.43 28.8 
239 0.35 30.9 
179 0.26 32.9 
830 0.74 14.6 
726 0.65 16.7 
622 0.55 18.3 
519 0.46 20.0 
415 0.37 21.6 
311 0.28 23.2 
1139 0.76 11.8 
997 0.66 14.2 
855 0.57 15.7 
712 0.47 17.1 
570 0.38 18.6 






























































Table 8-17. Sample check/or various beam spans using the chart 0/ Fig. 8-16 
for Grade 50 steel and k =0.5 
SPAN Sm L 15 ~ex ~chart 
m mrad mrad 
16.9 16.0 17.9 
19.7 18.5 19.5 
6.0 0.85 
23.6 19.7 21.8 
29.6 24.0 26.7 
19.9 24.2 26.1 
22.7 26.7 29.5 
12.0 1.12 
26.7 33.5 33.5 
29.8 36.1 36.0 
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Loading 
i + + + + 
Re-distributed moment 
_Initial elastic moment 




Fig. 8-1, Elastic redistribution o/moments 






Er = 200 kN Imm2 
2'44x'0"(ftu/"m)~ 0·0035 Strain 
Strain 
'a) , b) 





C = Compression 
T = Tension 
(d) 
Structural steel material propenies (e) stress-straln cune; Cd) residual stress pattern 
Fig. 8-3, Material properties used in numerical analysis 
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(b) 
Fig. 8-4, (a) Slices of composite section, (b) Hogging and sagging elements 
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I. L ~ 
,S/OP~=O 
I 
Fig. 8-5, Beam with semi-rigid connections and its deformed shape 
CALL SUBROUTlNB "MIte" 
fIND CONNECTION. 
PROM ITS M", CURVB 
EXIT SUBROUTINB "MItC" 
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CALL SVBROtmNB "BMPHl" 
DERIVB e-a RELATIONSHIPS 
OBNBRATB M", CURVE OP BEAM 
IN SAOOlNO AND HOOOING BBNDING 
BXlT SUBROtJ'I'INB "BMPHI" 
CALL SUBROtJ'I"INB "ROMPEB· 
INlTIAl.IZE BENDING MOMENT 
AT ENDS AND MlDSPAN 
fIND LOAD PACI'OR AND 
BENDING MOMENT AT NODES 
YES 
fIND CURVATURE AT NODES PROM 
M", CURVES AND INTEORATB 
NO CHANOBBM 
"}--~""ATMIDSPAN . 










AT NOOms PROM 
M-+CURVBS 
AND INTBORATE 
ASSUME BM AT SUPPORT. MAXIMUM 8M OP CONNBC'llON t---------' 















Fig. 8- 7. Beam line method used for initial rotation of steel connection in 
unpropped construction 












Fig. 8-8, (a) Composite beam with load wand span L 
(b) Elastic redistribution o/moments 
(c) Plastic hinge mechanism 
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/ / / / 
I 305x 165 UB 40 




3 406x140 UB 46 
4 457x152 UB 52 
w(kNlm} 
20 40 60 
Fig. 8-11. Load factor at collapse versus assumed iii of the connection 








rrii x . I ( b) 
Mps 
Fig. 8-12, Bending moment diagram 0/ composite beam/or elastic and 
plastic rotations 





















































19:7 '·23.6 '. 29.6 
12 14 16 18 20 22 24 26 28 
REQUIRED ROTATION (mrad) 
Fig. 8-13, Required rotation against ratio of connection moment to midspan 

























































L/D=19.~ \ , \ \ , 22.2\ ' .. 25.3 
20 25 30 
REQUIRED ROT A TION (mrad) 
Fig. 8-14, Required rotation against ratio 0/ connection moment to midspan 



















0.31 \ h 
20 
REQUIRED ROTATION (mrad) 
Fig. 8-15, Required rotation against ratio 0/ connection moment to midspan 
moment/or various span to depth ratios (12.0 m span, Grade 50 steel) 
k 
0.7,. . t t 
0.6 
0.51- \ \\ \ \\ \\~ \\~ ~ \ N 0 
I \ \ \ \ 
0.4 
l
____ __________ ~L_______~l_ __ _:~~~l-------~~~~--------~~~--~,L-------~~ I , 0.3' " 
IS 20 25 
Required 
30 35 40 
Rotation (mrad) 
Fig. 8-16, Sample chart/or required rotation against ratio of connection 








CONCLUSIONS AND SUGGESTIONS FOR 
FURTHER WORK 
This thesis has investigated the behaviour of end plate connections in steel and 
composite structures. The response of semi-rigid steel frames at serviceability and 
ultimate states has been examined. Experimental and theoretical studies have been 
undertaken on the behaviour of composite connections incorporating a concrete slab with 
profiled steel sheeting and an end plate steelwork joint. A method is proposed for 
prediction of the stiffness of composite connections. By developing a computer program, 
the subjects of redistribution of moments in semi-rigid composite beams and the required 
rotation capacity of connections for a full plastic mechanism have been studied. The 
following conclusions and suggestions for further work may be drawn from these 
investigations. 
9-1-Conclusions of Study on Unbraced Semi-Rigid Steel Frames 
Semi-rigid analysis of frames gives greater horizontal deflections and lower 
collapse loads in comparison with rigid analysis. 
The classification method of Be3 for unbraced frames, used to differentiate rigid 
and semi-rigid connections, classifies most practical steel connections as semi-rigid. The 
EC3 prediction equation for the stiffness of end plate connections underestimates both 
the moment resistance and stiffness of such connections. 
The allowable sway ratio of 1/300 in BSS9S0:Pt 1 can be relaxed to 1(270 where 
semi-rigid analysis is carried out. For the same reason, the sway limit in Ee3 as 1/500 
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can be relaxed to 1/450 for semi-rigid analysis. This is concluded from analysis of a 
number of frames comprising semi-rigid connections with a moment-rotation behaviour 
taken as the rigid boundary in the Be3 classification of steel joints. 
Where the wind-moment method is used in design, rigid deflections obtained from 
elastic analysis can be increased by 50% to allow for the connection flexibility at 
serviceability. This will decrease the need for rigorous analysis of such frames taking 
connection behaviour into account. 
The approximated methods suggested by Wood & Roberts( 1975) can be used to 
estimate the horizontal deflections of rigid frames. For semi-rigid frames, the method 
proposed by Driscoll(1976) gives sufficiently accurate results. In this method, the 
stiffnesses of the beams are reduced to allow for the flexibility of joints. The reduced 
stiffness of the beam is termed "relative stiffness". Where end connections are different 
in terms of stiffness, the "equivalent stiffness" can be assumed for the beam by simply 
averaging the stiffness of connections. This will result in acceptably accurate estimation 
of sway deflections. The "relative stiffness" and "equivalent stiffness" of beams can be 
used in the "substitute" frame (Wood & Roberts) to calculate the horizontal deflections. 
The influence of the stiffness of semi-rigid joints on internal moments at collapse is 
less significant than its effect on sway at serviceability. Partial strength joints have a 
more significant influence on the collapse load than semi-rigid full strength joints. 
9-2-Conclusions of Study on Composite Connections in Braced Frames 
A comprehensive review has been made by the author on previous experimental 
works on composite connections. The available data have been summarized as a data 
base for future reference. 
The experimental programme conducted by the author on cruciform specimens has 
been described. The instrumentation and testing procedures have been explained. The 
project consisted of a total of eleven tests, nine of which on composite connections and 
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two on bare steel joints. The composite tests included six major axis and three minor axis 
connections, all comprising flush end plate steel joints (except one which was an 
extended end plate), profiled steel sheeting and stud shear connectors. The main variable 
was the amount of reinforcement, although the depth of steel section was also different in 
one major axis test. The bare steel tests consisted of a major axis and a minor axis flush 
end plate joint, similar to the steelwork joints in the composite tests. 
Formulae have been given for prediction of the moment resistance of composite 
connections. These formulae can safely be used in design. A method has also been 
intoduced for determining the optimum amount of reinforcement in composite 
connections. In this method, the ratio of the force in the assumed reinforcement and the 
force in the bottom flange of steel beam is multiplied by a ratio in which the position of 
the joint's plastic neutral axis and the beam depth are taken into account. The resulting 
value is compared with unity. The assumed area of reinforcement is increased if this 
value is less than 1.0 and vice versa. This method provides a useful tool for an efficient 
design of composite joints. 
From the test observations and the assessment of the results, the following 
conclusions may be drawn: 
1) The amount of reinforcement increases directly the moment resistance of composite 
joints. Compared to steel joints, it is easier and more practical to provide full 
strength composite conections by simply increasing the amount of reinforcement. 
2) The ductility of the overall reinforcement (rebars plus mesh) has a significant 
influence on the rotation capacity of composite connections. The beneficial effects 
of reinforcement are most significant for amounts of about 1 % of the concrete area 
above the decking. The amount of reinforcement does not influence the initial 
stiffness of composite connections. 
3) The increase in the depth of the steel beam will increase the stiffness and decrease 
the rotation capacity of a composite connection compared to a connection with 
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similar steelwork joint and a similar concrete slab having the same amount of 
reinforcement. 
4) Minor axis connections (both steel and composite) are stiffer than major axis 
connections with similar connection components. The rotation capacity of the 
former is limited due to the rigidity of the steelwork joint. 
S) All the tested composite connections have been classified as rigid according to EC4. 
The connections with I % or more reinforcement are full strength while those with 
less than 1 % reinforcement are partial strength. The classification of steel 
connections given by EC3 results in the tested major axis steel joint being semi-
rigid and partial strength. The tested minor axis joint may be classified as rigid but 
still partial strength. 
6) For steel flush end plate connections stiffened only in the compression zone, it is 
proposed to use the prediction equation of Frye & Morris(197S) for stiffened 
connections with the value of d taken as the lever arm between the tensile force in 
the top bolt row and the compressive force in the bottom flange of the beam. 
7) The effect of semi-rigid connections on column stability has been studied. The 
results of the minor axis tests have been used in determining the effective length of 
the column. The change in unloading stiffness was found to be of little influence on 
the buckling length of columns. A value ofO.7S taken as the effective length ratio of 
columns in non-sway frames is safe and sufficiently accurate. 
A method has been proposed for prediction of stiffness of composite connections. 
This is based on a mechanical model which consists of several springs, each simulating a 
source of stiffness. The contributions of the steelwork joint, reinforcement, shear 
connectors and concrete have been taken into account. A bilinear presentation of 
connection's moment-rotation curve has been suggested. This has a key point 
corresponding to the plastic design moment resistance of the composite connection 
calculated from the proposed fonnula (mentioned above), and the associated rotation 
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detennined from the relevant expression given in Chapter 7. The resulting M -, curves 
are in good agreement with the experimental curves obtained in the author's tests. It 
underestimates slightly the resistance moment and the initial stiffness of the composite 
joint. 
The following conclusions may be drawn from the studies on redistibution of 
moments in composite beams: 
1) The redistribution of moment and the required rotation capacity for the end 
connections of a composite beam are interrelated. More redistribution of moments 
in composite beams necessitates more rotation capacity for the end connections. 
2) The maximum percentage of redistribution of moments given as 40% in EC4 and 
BS5950:Pt 3.1 is an appropriate value for both propped and unpropped composite 
beams. Although more redistribution of moments may be possible in conservatively 
designed beams, values greater than 40% are not advisable. 
3) Greater percentages of redistribution than those given by EC4 and BS5950:Pt 3.1 
may be assumed for non-Plastic composite sections if further justification is 
provided. This is based on the satisfactory behaviour of Class 3 composite sections 
subjected to negative moment in the author's tests. 
The subject of required rotation capacity of composite connections at the beam ends 
has been investigated. Methods have been proposed to determine the rotation capacity 
required for end connections in order to develop a full plastic mechanism. In this 
approach, the elastic and plastic rotations of the composite beam are calculated and 
added to find the required rotation of the joint. Both propped and unpropped construction 
have been considered. The expressions proposed by the author give generally safe and 
sufficiently accurate estimations of the required rotation. Simplified charts may be 
prepared for determination of rotation capacity of composite connections in order to 
achieve a full plastic mechanism in the beam. 
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The following can be deduced from the studies on the required rotation capacity for 
a complete plastic mechanism: 
1) Generally, greater spans require more rotation capacity. Adopting a greater steel 
section for the composite beam of a specified span will reduce the required rotation 
capacity of the end connections. 
2) It is possible to reduce the rotation requirements of connections by not utilizing the 
full sagging moment resistance of the composite beam. 
3) The flexibility of partial strength connections does not influence the rotation needed 
for a plastic mechanism, rather its resistance determines the required rotation. Very 
flexible connections may cause the first hinge to form in midspan. 
9-3-Suggestions for Further Work 
The effect of semi-rigid connections on steel frames at serviceability and ultimate 
state has been considered in this thesis. The following suggestions are proposed for 
further research on the behaviour of semi-rigid steel frames: 
1) The stiffness provided by cladding plays a considerable role in limiting the 
horizontal deflection. Although some guidance has been given on the prediction of 
cladding stiffness by Wood & Roberts(1975) and recently by Cunningham(1990), 
the absense of precise information about the effect of each type of cladding requires 
to be conservative about the overall stiffness of steel structures. To achieve more 
economy in semi-rigid design of unbraced steel frames, the effect of cladding 
should be included in the analytical studies. 
2) The basic frames used in the studies on the effect of semi-rigid joints on the 
response of frames and the use of the approximate methods were all in the range of 
medium rise frames. Higher frames are needed to be checked for limiting sway and 
estimation of horizontal deflection. 
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3) Ee3 states that first-order analysis may be employed for sway frames if columns are 
designed using an effective length greater than the real length or if the sway 
moments of the beams and connections are increased by an amplification factor. 
This needs to be examined for frames with semi-rigid connections. 
The experimental studies of composite connections reported in this thesis 
concentrated on the influence of certain variables on the rotational behaviour of 
composite joints. The effect of the following are still needed to be investigated: 
1) The degree of shear interaction between concrete slab and steel beam. 
2) Different beam sections with variable depth and slenderness ratios of web and 
flanges, associated with adjusted reinforcement according to the proposed method 
for adopting an efficient amount of reinforcement, to check the general applicability 
of the method; also to check the behaviour of non-Plastic sections in hogging 
regions. 
3) Providing a failure mode other than bolts in tension by using greater bolt size or 
more bolt rows. 
4) Use of low amounts of longitudinal reinforcement with a stiffer connection, namely 
0.5% reinforcement and mesh only with extended end plate connection, to study the 
possible achievement of proper moment resistance and rotation capacity with less 
reinforcement. 
5) Stiffened column in both tension and compression zones, as well as an unstiffened 
column in the both regions. 
6) The amount of transverse reinforcement in relation to the amount of longitudinal 
reinforcement. 
In addition, further tests are proposed on cantilever specimens simulating external 
joints. Experimental study is suggested on the behaviour of external minor axis joints 
with especial attention to quantifying the restraint provided by the composite connection 
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to the steel column. 
The work described in Chapter 7 aimed at introducing the main idea of simulating 
composite connections as an idealized mechanical model. In this approach. the behaviour 
of materials was assumed linear elastic-plastic. The behaviour of connection elements 
can be assumed non-linear elasto-plastic as in reality. The general approach will still be 
applicable and may even produce better results. For instance, the non-linear behaviour of 
shear connectors can be introduced by using the expressions given by researchers for the 
load-slip behaviour. The method is particularly suitable for a computer program for 
detennination of connection stiffness. A method is required for prediction of rotation 
capacity of composite connection. 
The numerical studies in Chapter 8 were undertaken by use of a computer program 
for analysis of a single span composite beam with semi-rigid connections. The analysis 
ends when plastic hinges form in the beam rather than the connection. The post-buckling 
behaviour of the composite section in both hogging and sagging bending can be included 
in the program. The program can also be extended for a continuous composite beam, 
satisfying the compatibility conditions at the supports. Alternatively, the effect of 
adjacent spans may be taken into account by modifying the stiffness of end connections 
of a single span beam. 
The semi-empirical fonnulae given in Chapter 8 for calculation of required rotation 
of connection for a full plastic mechanism have been based on limited available data. 
They have also been checked against the rigorous analysis of a composite beam with 1 % 
reinforcement in the hogging regions and an assumed connection behaviour. subjected to 
uniformly distributed load. The effects of alteration in these parameters needs 
detennining. Maximum span lengths may be defined for the varying parameters and 
redistribution percentages. Serviceability performance of composite beams with semi-
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Appendix C 
Material Properties and Cross Sectional Dimensions 
co./ 
C·l·Notation 
Iys ,w yield strength of steel section, web 
IY$ J yield strength of steel section, flange 
I W,w ultimate strength of steel section, web 
I w J ultimate strength of steel section, flange 
Ew modulus of elasticity, web 
E, modulus of elasticity, flange 
IYT yield strength of reinforcement 
IUT ultimate strength of reinforcement 
E modulus of elasticity 
lye yield strength of end plate 
l/Ie ultimate strength of end plate 
/yb yield strength of bolt 
I ub ultimate strength of bolt 
D depth of steel section 
B breadth of flange of steel section 
t thickness of web 
T thickness of flange 
T, thickness of top flange 
Tb thickness of bottom flange 
BN breadth of flange, north side 




TEST fys,w /ysl {w,w / ... , Ew E, 
No. Nlmm2 Nlmm2 Nlmm2 Nlmm 1 kNlmm 2 kNlmm 2 
1 293 271 459 465 206 206 
2 297 273 463 464 206 207 
3 295 272 461 464 206 207 
4 307 273 465 476 203 202 
5 310 272 460 470 199 201 
6 308 273 463 473 201 202 
7 302 272 462 467 203 204 
8 302 272 462 467 203 204 
9 302 272 462 467 203 204 
10 330 310 492 476 203 196 
11 302 272 462 467 203 204 
C·2·1(b)·Steel Column 
The following values were measured and used for all tests: 
/,s.w-296 N Imm 2 
/,sJ-284 N Imm 2 
lus.w-508 Nlmm2 
lusJ-484 Nlmm2 
Ew-207 kN Imm 2 
E,-205 kN Imm2 
C·2·2·Slab 
C·2.2(a)· Reinforcement 
The following values were measured and used for all tests: 
Bars:/yr-486 Nlmm 2 
lur-557 Nlmm 2 
E-2oo kNlmm 2 
Elongation -17% 
Mesh:/y,-668 N fmm2 
I ur-712 N Imm 2 
Elongation -2% 
C·2·2(b )·Concrete 
TEST !cu.7days !cu;28days AGE AT TEST !cuJen !t.ten 
No. Nfmm l Nlmm2 day Nlmml Nlmm l 
1 33.2 44.1 22 41.3 3.43 
2 32.0 42.5 29 42.7 3.19 
3 37.6 49.0 22 46.8 3.31 
4 31.9 41.3 21 40.3 2.80 
5 34.0 37.3 45 44.1 3.47 
6 33.6 44.4 28 44.4 3.32 
7 34.9 42.5 20 44.2 3.44 
8 30.5 43.1 22 41.7 2.70 
10 40.9 51.5 26 49.8 4.06 
C·2·3·End plate 
The end plate of Tests 1-7 were from one piece of plate with measured values of 
lye -308N fmm 1 and I ue -503N fmm 2 • The end plate of Tests 8-11 were from another piece of plate 
with measured values of/ye-3C1JNlmm2 and!ue-500Nlmm2. 
Therefore the lesser values were used: 
ly,-308 N Imm 2 
I ut -500 N Imm2 
C·2·4·Bolts 
All bolts were Grade 8.8 with the following properties taken from EC3: 
lyb-640N Imm 2 
I ub -BOON Imm 2 
C"3 
C-3-Cross Sectional Dimensions 




No. D B t Tt 
1 306.2 165.5 6.35 10.20 
2 305.6 165.5 6.33 10.17 
3 305.7 165.5 6.38 10.15 
4 305.4 165.6 6.38 9.98 
7 305.8 165.1 6.40 10.00 
9 303.6 164.6 6.27 9.96 
10 450.9 153.8 7.93 10.32 
C-3-1 (b)-Columns 
TEST No. D BN 
1 209.0 204.0 
2 209.0 209.0 
3 208.4 205.0 
4 210.0 203.9 
7 208.8 203.4 
9 210.2 203.7 
10 208.8 204.0 




No. D B t T, 
5 305.4 165.4 6.42 10.21 
6 305.1 165.5 6.35 10.28 
8 304.3 164.9 6.20 9.85 
11 305.1 164.8 6.34 9.91 
C-3-2(b )-Columns 
































D B t T, Tb 
305.6 165.5 6.31 9.89 10.14 
305.7 165.3 6.29 10.13 9.91 
305.5 165.5 6.41 9.95 10.13 
306.0 165.3 6.37 10.17 9.95 
305.7 165.0 6.40 10.15 9.95 
305.5 164.9 6.40 10.07 10.15 
450.9 154.0 8.00 10.31 10.27 
t TN Ts 
8.08 12.53 12.28 
8.06 12.48 12.34 
7.99 12.33 12.35 
7.79 12.44 12.39 
7.90 12.00 12.20 
7.98 12.40 12.25 
8.02 12.39 12.37 
SOUTH BEAM 
D B t T, Tb 
305.4 165.5 6.40 10.17 10.20 
305.0 165.4 6.38 10.10 10.19 
304.9 165.1 6.20 9.80 9.95 







C·3·3·End Plate Thicknesses 
In the following table, the first row gives the number of test, the second and the third rows 
give the end plate thicknesses for north and south sides respectively. 
1 2 3 4 5 6 7 8 9 10 11 
15.22 15.26 15.23 15.35 15.25 15.28 15.20 15.20 15.25 15.20 15.19 
15.26 15.50 15.20 15.28 15.20 15.30 15.17 15.20 15.19 15.18 15.20 
C·3·4· Reinforcement 
The diameter of reinforcing bars was measured with two different methods and an average 
of 12.09 mm was found but 12 mm was used. The measured diameter of mesh bars was 5.86 mm. 
C·3·5·Profiled Steel Sheeting 
The geometric dimensions of PMF CF46 were taken from the manufacturer's guide. The 
measured thickness of decking was 0.9 Mm. 
C·3·6·Stud Connectors 
TRW Nelson studs were used in Tests 1-6, and Crompton & Parkinson studs in Tests 7,8 
and 10. The diameter of studs was measured as 19.0 mm. The heights of studs after welding 
were as follows: 
TEST No. 1 2 3 4 5 6 7 8 10 
MINIMUM 95.00 95.50 93.10 93.05 95.00 95.25 96.25 97.45 96.60 
MAXIMUM 98.00 98.00 95.15 95.65 97.50 97.60 98.15 99.20 98.90 
AVERAGE 96.50 96.75 94.12 94.35 96.25 96.42 97.20 98.32 97.75 
Appendix D 
Resistance Values of Connections Based on the Actual 
Measured Geometric and Mechanical Properties 
(North and South Connections) 
D-I 
PARAMETERS 















depth of beam 
beam web thickness 
beam flange breadth, top 
beam flange thickness, top 
beam flange breadth, bottom 
beam flange thickness, bottom 
root radius of beam section 
beam length 
depth of column 
column web thickness 
column flange breadth 
column flange thickness 
root radius of column section 
EPT end plate thickness 
EPB end plate breadth 
BPH bolt pitch, horizontal 
BME distance from the center of top bolt row to top of top flange 
or if extended end plate, to top of end plate 











specified weld throat of beam flange 
specified weld throat of beam web 
area of bolt 
diameter of bolt 
area of reinforcement 
depth of reinforcement(to top of the top flange) 
area of mesh 
depth of mesh(to top of the top flange) 
depth of slab 
depth of profiled steel sheeting 
2) STRENGTHS: 
FYBF yield strength of beam flange 
FYBW yield strength of beam web 
FYCF yield strength of column flange 
FYCW yield strength of column web 
FYEP yield strength of end plate 
FUB ultimate strength of bolt 
FYR yield strength of reinforcement 
FYM yield strength of mesh 
FCU cube strength of concrete 
TEST U NI 
1) DIMENSIONS; 
BEAM; DB-306 .2 BWT- 6.35 BFBT-165.5 BFTT- 10 . 20 
BFBB-165 . 5 BFTB-I 0.09 RRB- 8 . 90 BL- 9000.0 
COLUMN: DC-209. 0 CWT- 8 . 0B CFB-204.0 CFT-12.53 
RRC-10 . 20 
END PLATE: EPT-15.22 EPB-200 .0 BPH- 86 . 0 BME- 50.0 
BPV- 0.0 
WELDS; WAF- 7.0 WAW- 4 . 0 
BOLTS; ABOLT-245.0 DBOLT-20.0 
REINFORCEMENT; AR- 905 . 0 DR- 90.0 AM-162.0 DM- 87.0 
PROFILED STEEL SHEETING: DS-120 . 0 DP-46.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM ; 
YIELD STRENGTHS OF STEEL COLUMN: 
FYBF-271 .0 
FYCF-28 4. 0 
FYEP-30 8 .0 
FOB-8 00.0 
FYR-486.0 
FCU- 41. 3 
FYBW-293.0 
FYCW- 296.0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS : 
YIELD STRENGTHS OF REINFORCEMENT: FYM-668.0 
CUB2 STRENGTH OF CONCRETE : 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENS ION- 295 . 62 
RESISTANCE OF COLUMN FLANGE IN TENSION- 258 . 26 
RESISTANCE OF COLUMN WEB IN TENSION- 462.84 
MINIMUM RESISTANCE IN TENSION ZONE- 258 .26 
RESISTANCE MOMENT OF STEEL CONNECTION~ 64.86 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)- 219.46 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH )- 24 3 . 49 
(BEAM CROSS SECTIONAL PROPERTIES: A- 5241 
I- 85975792 Z- 563320) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOMENT RESISTANCE(t1ESH IGNORED)-
NEGATIVE MOMENT RESISTANCE: 
REBARS ONLY) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS IN STEEL FLANGE 
172.73 
371.30 
HOGGING MOMENT RESISTANC E (REBARS ONLY 1- 248 . 45 
RE BARS AND MESH) 
WEB NOT COMPACT 
PLASTIC NEOTRAL AXIS IN STEEL FLANGE 














BEAM; DB-305.6 BWT- 6.31 BFBT=165.5 BFTT- 9.89 
BFBB- 1 65. 5 BFTB=10 . 14 RRB= 8.90 BL- 9000.0 
COLUMN; DC-209.0 CWT- B.OB CFB-205.0 CFT-12.2B 
RRC=10 .20 
END PLATE: EPT=15.26 EPB-200.0 BPH- 86.0 BME- 50 . 0 
BPV= 0.0 
WELDS : WAF- 7.0 WAW- 4.0 
BOLTS; ABOLT-2 45 . 0 DBOLT-20.0 
REINFORCEMENT: AR- 905.0 DR- 90.0 AM- 162 . 0 DM- 87.0 
PROFILED STEEL SHEETING: DS-120.0 DP-46.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM: 







FYBW- 29 3 . 0 
FYCW-296 . 0 
YIELD STRENGTH OF END PLATE : 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM=668. 0 
CUBE STRENGTH OF CONC RETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION- 296 .14 
RESISTANCE OF COLUMN FLANGE IN TENS I ON- 255.80 
RESISTANCE OF COLUMN WEB IN TENSION= 462.84 
MINIMUM RESISTANCE IN TENSION ZONE- 255 . 80 
RESISTANCE MOMENT OF STEEL CONNECTION= 64.08 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY) - 218.9 4 
RESISTANCE MOMENT OF COMPOSITE CONNECT I ON 
(REBARS AND MESH) = 243 . 07 
(BEAM CROSS SECTIONAL PROP ERTIES : A- 5184 
I - 8 4674 080 Z- 550209) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOM ENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOME NT RESI STANCE (MESH IGNORED)-
NEGATIVE MOMENT RESISTANCE : 
REBARS ON LY 1 
WEB NOT COMP ACT 
PLASTIC NEUTRAL AXIS !:-l STEEL FL.lI.NGE 
HOGGING MOMEUT RESISTA:-lCE(REBARS ONLYI= 
REBARS AND MESH) 
WEB NOT COMP .1>,CT 
PLASTIC IIEUTRAL AXIS ::1 STEEL FUUJGE 
170.45 
367.19 
45. 7 -1 


















COLUMN : DC-209 .0 
RRC-I0.20 
END PLATE: EPT-15.26 
BPV- 90 . 0 
WELDS: WAF- 7 . 0 
BOLTS: ABOLT-245.0 
REINFORCEMENT: AR- 905 .0 















AM-l62 . 0 
DP-46.0 
BFTT-10.17 
BL- 9000 . 0 
CFT-12 . 48 
BME- 52.0 
DM- 87.0 
YIELD STRENGTHS OF STEEL BEAM: 






FCU-42 . 7 
FYBW-2 97. 0 
FYCW-296.0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS : 
YIELD STRENGTHS OF REINFORCEMENT: FYM-668.0 
CUB E STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION 
(EXTENDED PART)-
(BELOW THE TENSION FLANGE)-
RESISTANCE OF COLUMN FLANGE IN TENSION-
RESISTANCE OF COLUMN WEB IN TENSION-
RESISTANCE MOMENT OF STEEL CONNECTION-






(REBARS ONLY)- 248.07 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH)- 262.95 
(BEAM CROSS SECTIONAL PROPERTIES: A- 5204 
1- 85006440 z- 559838) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXI S IN CONCRETE :LANGE 
SAGGING MOMENT RESISTANC£IMESH IGNORED)= 
NEGATIVE MOMENT RESISTANCE: 
REBARS ONLY) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS IN STEEL FLANGE 
172.62 
372 . 67 
HOGGING MOMENT RESISTANCE (REBARS ONLY)- 247.99 
REBARS AND MESH) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS IN STEEL FLANGE 












TEST 21 S1 
1) DIMENSIONS: 
BEAM: DB-30 5 . 7 BWT- 6.29 BFBT=16 5.3 BFTT- IO . 13 
BFBB=1 65.3 BFTB- 9.9 1 RRB- 8 .90 BL- 9000.0 
COLUMN : DC=2 09.0 CWT= 8.06 CFB=205 . 0 CFT=1 2 .34 
RRC-10.20 
END PLATE: EPT=1 5.50 EPB=200.0 BPH- 86.0 BME- 52.0 
BPV- 90.0 
WELDS: WAF- 7.0 WAW - 4.0 
BOLTS: ABOLT=245.0 DBOLT-20 . 0 
REINFORCEMENT: AR= 905 . 0 DR- 90 . 0 AM=162.0 DM= 87 . 0 
PROFILED STEEL SHEETING: DS=120. 0 DP=46.0 
2) STRENGTHS : 
YIELD STRENGTHS OF STEEL BEN1: 
YIELD STRENGTHS OF STEEL COLUMN: 
FYBF= 273.0 
FYCF- 284. 0 
FYEP-308 .0 
FUB-800.0 




YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF RE I NFORCEMENT: FYM=668. 0 
CUBE STRENGTH OF CONCRETE : 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSI ON 
(EXTENDED PART)= 
(BELOW THE TENSION FLANGE)= 
RESISTANCE OF COLUMN FLANGE IN TEN S I ON= 
RESISTANCE OF COLUMN WEB IN TENSION= 
RESISTANCE MOMENT OF STEEL CONNECTION-






(REBARS ONLY)= 2 46 . 44 
RESISTANCE MOMENT OF COMPOS ITE CONNECT I ON 
(REBARS AND MESH) = 261 . 77 
(BEAM CROSS SECTIONAL PROPERT IES: A= 5177 
I= 8 464352 0 Z= 557281) 
RESISTANCE MOMENT OF STEEL SECTION= 
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITI VE MOMENT RESISTANCE: 
PLASTI C NEUTRAL AXIS !~ CONCRETE FLANGE 
SAGGING MOMENT RESISTAtJCE(MESH IGNORED)= 
NEGATIVE MOMENT RESIS:.' .NCE : 
REBARS ON L Y ) 
WEB NOT COMPACT 
PLAST I C NEUT~~L AXIS I~ STEEL FLANG E 
HOGGING f10 MENT RESISTAtJCE (REBARS ON LY) = 
REBARS AND MESH) 
WEB NOT COMPACT 
PLASTIC llEUTRAL .... XIS ::J STEEL FLANGE 
171. 80 
370 . 92 
246.57 
















BEAM: DB-305 .7 
BFBB-165.5 
COLUMN: DC-208 .4 
RRC~10 .20 
END PLATE: EPT-15.23 
BPV- 0.0 
WELDS: WAF- 7 .0 
BOLTS: ABOLT-245.0 
REINFORCEMENT: AR- 452.0 
PROFILED STEEL SHEETING: 
21 STRENGTHS: 
TEST 3( "" 



















YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 
FYBF-2 72.0 
FYCF-284.0 






YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM-668.0 
CUBE STRENGTH OF CONCRETE: 
31 RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION- 295.75 
RESISTANCE OF COLUMN FLANGE IN TENSION- 256.28 
RESISTANCE OF COLUMN WEB IN TENSION- 458.34 
MINIMUM RESISTANCE IN TENSION ZONE- 256.28 
RESISTANCE MOMENT OF STEEL CONNECTION- 64.22 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)- 149.89 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH)- 187.38 
(BEAM CROSS SECTIONAL PROPERTIES: A- 5267 
I- 86141648 Z- 561672) 
RESISTANCE MOMENT OF STEEL SECTION- 174.10 
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE : 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOMENT RESISTANCE(MESH IGNORED)= 377.42 
NEGATIVE MOMENT RESISTANCE: 
REBARS ONLY I 
PLASTIC NEUTRAL AXIS IN WEB • WEB COMPACT 
HOGGING MOMENT RESI STANCE(REBARS ONLY)- 221.04 
REBARS AND MESH) 
PLASTIC NEUTRAL AXIS IN I.EB • WEB COMPACT 












TEST 3( s l 
1) DIMENSIONS: 
BEAM: DB-30 5 . 5 BWT= 6.4 1 BFBT=1 65.5 BFTT= 9.95 
BFBB-1 6 5 .5 BFTB-I0 .13 RRB- 8.90 BL- 9000. 0 
COLUMN: DC-208.4 CWT- 7.99 CFB-203.9 CFT-1 2 .35 
RRC-1 0.20 
END PLATE: EPT-15.20 EPB=200 . 0 BPH= 86.0 BME- 50.0 
BPV- 0 .0 
WELDS: WAF= 7.0 WAW= 4. 0 
BOLTS: ABOLT-245.0 DBOLT-20.0 
REINFORCEMENT: AR- 452.0 DR- 90 . 0 AM-162 . 0 DM- 87.0 
PROFILED STEEL SHEETING: DS-120.0 DP=46.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM : 








FYCw=296 . 0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM=668.0 
CUBE STRENGTH OF CONCRETE: 
3) RESISTANCES : 
RESISTANCE OF END PLATE IN TENS ION- 295.36 
RESISTANCE OF CO LUMN FLANGE IN TENSI ON- 256 . 48 
RESISTANCE OF CO LUMN WEB IN TENSI ON- 458.34 
MINIMUM RESISTANCE IN TENSION ZONE- 256.48 
RESISTANCE MOMENT OF STEEL CONNECTION- 64.23 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)- 149.79 
RESISTANCE MOMENT OF COMPOSITE CONNECTI ON 
(REBARS AND MESH)- 18 6 . 92 
(BEAM CROSS SECTIONAL PROP ERTIES: A- 522 0 
I- 84971488 z- 553 44 6) 
RESISTANCE MOMENT OF STEEL SECTION= 172 . 04 
RESISTANCE MOMENT OF COMPOSITE SECTI ON: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE fLANGE 
SAGGING MOMENT RESISTANCE(MESH IGNORED)~ 374.28 
NEGATIVE MOMENT RES I STANCE: 
REBARS ON LY) 
PLASTI C NEUTRAL AXI S l:J WEB . ~'iE B COMPAC7 
HOGGIllG MOMENT RESISTAtlCE(RE BARS ONLY)= 218 . 98 
REBARS AND MESH) 
PLASTIC NEUTRAL AXI S :11 WEB, I'EB COMPACT 














TEST 4 ( N ) 
1) DIMENSIONS: 
SEAM: os-305 .4 BWT- 6.38 
BFBB-165.6 BFTB-I0.24 
COLUMN: OC-210.0 CWT- 7.7 9 
RRC-IO.20 
END PLATE: EPT-15.35 EPB-200.0 
BPV- 0.0 
WELDS: WAF- 7.0 WAW- 4.0 
BOLTS: ABOLT-245.0 DBOLT=20.0 
REINFORCEMENT: AR-1357.0 OR- 90 . 0 













YIELD STRENGTHS OF STEEL BEAM : 
YIELD STRENGTHS OF STEEL COLUMN : 
FYBF-273.0 




FCU=40 . 3 
HBW-307.0 
FYCW- 296.0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: 
CUBE STRENGTH OF CONCRETE : 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION-
RESISTANCE OF COLUMN FLANGE IN TENSI ON-
RESISTANCE OF COLUMN WEB IN TENSION-
MINIMUM RESISTANCE IN TENSION ZONE-
RESISTANCE MOMENT OF STEEL CONNECTION-
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)-
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH) -
(BEAM CROSS SECTIONAL PROPERTIES: A= 5234 
I- 85322568 Z- 554 56 8) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOMENT OF COMPOSI TE SECTION: 
POSI T IVE MOMENT RESISTANCE: 
i'LAS7IC !:EU;-RAL AXIS III CONCRETE FLANGE 
: ~C~ :~ : ~ J~E~7 ;ES:STANCE(MESH IGNORED)-
:.:", v; ... ::-.'::' :,!~:-:~::-:- :-::"::'::A!JCE: 
REBARS ONLY) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS IN STEEL FLANGE 
HOGGI NG MOME NT RESISTANCE (REBARS ON LY)-
REBARS AND MES H) 
WEB NOT COMPACT 




44 8 .32 kN 
257. 3 6 kN 
64 . 41 kNm 
266.88 kNm 




HOGG ING MOMENT RESISTANCE(REBARS AND MESH)= 283.17 kNm 
TEST 4 I S I 
1) DIMENSIONS: 
BEAM: DB-305.4 BWT- 6.38 BFBT- 165.5 BFTT- 9. 98 
BFBB= 165.6 BFTB=10. 2 4 RRB= 8 . 90 
COLUMN: DC=21 0 . 0 CWT= 7.79 CFB=2 0 3.9 
RRC-10.20 
END PLATE: EPT-15.35 EPB-200 . 0 BPH- 86.0 
BPV= 0. 0 
WELDS: WAF= 7 . 0 WAW= 4.0 
BOLTS : ABOLT-2 45. 0 DBOLT-20 . 0 
REINFORCEMENT: AR-1357 . 0 DR- 90.0 
PROFILED STEEL SHEETING : DS-120.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: 










BL= 900 0 . 0 
CFT=1 2 .44 
BME- 50.0 
OM- 87.0 
FYBW= 30 7.0 
FYCW-296 . 0 
FYM=668.0 
RESISTANCE OF END PLATE I N TEN SI ON- 29 7 . 33 kN 
RESISTANCE OF COLUMN FLANGE IN TENS I ON= 257.36 kN 
RESISTANCE OF COLUMN WEB IN TENSI ON= 448.32 kN 
C) 
MINIMUM RESISTANCE IN TENSION ZONE- 257.36 
RESISTANCE MOMENT OF STEEL CONNECTION- 64 . 41 
RESISTANCE MOMENT OF COMPOSI TE CONNECTION 
( RE BARS ONLY) - 266.88 
RESISTANCE MOMENT OF COMPOS ITE CONNECTION 
(REBARS AND MESH)= 280.17 
(BEAM CROSS SECTIONA L PROPERTI ES : A= 5234 
I - 85322568 Z= 55 4 568) 
RESISTANCE MOMENT OF STEEL SECTI ON-
RES ISTANCE MOMENT OF COM POS I TE SECTI ON : 
POS I TI VE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS : ;1 CONCRETE FLANGE 
SAGGING ~10MENT RESISTANCE(MESH I GNOR ED) = 
NEGAT I VE MOMENT RESISTANCE: 
RE BARS ONLY) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS e,l STEEL FLANGE 
HOGGING MOMENT RESISTANCE (REBARS ON Ly) = 
REBARS AND MESH) 
WEB NOT COMP ACT 



























EPT-15 .2 5 
BPV- 0.0 
WAF- 7.0 
ABOLT-245 . 0 
AR- 905.0 
SHEETING : 
TEST 5 ( N I 

















BME - 50 . 0 
OM- 87.0 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 
FYBF- 272.0 







YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT : FYM-668.0 
CUBE ' STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION- 296.01 
RESISTANCE OF TOP ROW BOLTS IN TENSION- 352.80 
MINIMUM RESISTANCE IN TENSION ZONE- 296 . 01 
RESISTANCE MOMENT OF STEEL CONNECTION- 74.09 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)- 225 . 0 7 
RESISTANCE MOMENT OF COMPOSITE CONNECTI ON 
(REBARS AND MESH)- 248.43 
(BEAM CROSS SECTIONAL PROPERTIES: A- 5273 
1= 85954944 Z= 563058) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGG I NG MOMENT RESI STANCE(MESH IGNORED)-
NEGATIVE MOMENT RESISTANCE: 
REBARS ONLY) 
175 . 94 
382.90 
PLAS TI C NEUTRAL AXIS IN WEB , WEB NOT COMPACT 
HOGGING MOMENT RESISTANCE(REBARS ONLY)- 25 1 . 43 
REBARS AND MES H) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS IN STEEL FLANGE 











TEST 5( sl 
1) DIMENSIONS: 
BEAM : OB-305. 4 BWT= 6. 40 BFBT=165.5 BFTT-IO. 1 7 
BFBB~165 . 5 BFTB- IO . 20 RRB- 8.90 
COLUMN: OC= 209.2 CWT= 7.5 5 CFB=204.7 
RRC= 10.20 
END PLATE: EPT-1 5 . 20 EPB- 1 66 .0 BPH= 86.0 
BPV= 0. 0 
WELDS: WAF- 7. a WAW- 4.0 
BOLTS: ABOLT= 245 .0 OBOLT=20.0 
REINFORCEMENT : AR- 905.0 DR- 90 . 0 
PROFILED STEEL SHEETING: DS=120.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM : 
YIELD STRENGTHS OF STEEL COLUMN: 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: 
CUBE STRENGTH OF CONCRETE : 
3) RESISTANCES : 
AM - 1 62 .0 
DP=46. 0 
FYBF=272. 0 
FYCF-28 4. 0 
FYEP=30B. 0 
FUB=BOO . O 
FYR=486. 0 
FCU- 44 . 1 





FYCW-29 6. 0 
FYM=668. 0 
RESISTANCE OF END PLATE IN TENSION= 295 . 36 kN 
RESISTANCE OF TOP ROw BO LTS IN TENSION= 352.80 kN 
MINIMUM RESISTANCE IN TENSION ZONE= 295.36 kN tJ 
RESISTANCE MOMENT OF STEEL CONNECTION- 73.93 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY) = 224.99 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH)- 248 . 34 
(BEAM CROSS SECTIONAL PROP ERTIES: A= 5263 
1= 8583 15 0 4 Z= 561617) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOMENT OF COMPOSITE SECT I ON: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOMENT RESISTANCE(MESH IGNORED)= 
NEGATI VE MOMENT RESISTANCE : 
REBARS ON LY) 
17 5.65 
382.21 
PLASTIC NEUTRAL AX IS W \~EB , \'IEB NOT COMPACT 
HOGGING MOMENT RESISTANCE(REBARS ONLY)= 250 . 55 
REBARS AND MESH) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS I~l STEE L FLANGE 
















PROF ILED STEEL 
2) STRENGTHS: 
DB-305 .1 









TEST 6 (NI 
BWT- 6.35 
BFTB- 9.98 
CWT- 7 .BO 
EPB-166 .0 












CFT=12 . 25 
BME- 50 . 0 
DM- 92 .0 
YIELD STRENGTHS OF STEEL BEAM : 






FCU-4 4 .4 
FYBW-308 . 0 
FYCW=296 . 0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM-668.0 
CUBE STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION- 296.41 
RESISTANCE OF TOP ROW BOLTS IN TENSION- 352.80 
MINIMUM RESISTANCE IN TENSION ZONE- 296.41 
RESISTANCE MOMENT OF STEEL CONNECTION- 74.13 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)- 74.13 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH)- 116.57 
(BEAM CROSS SECTIONAL PROPERTIES: A- 5229 
I- 851824BO Z- 563183) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOMENT RESISTANCE(MESH IGNORED)-
NEGATIVE MOMENT RESISTANCE: 
REBARS ONLY) 
PLASTIC NEUTRAL AXIS IN WEB • WEB COMPACT 
174.65 
379 . 77 
HOGGING MOMENT RESISTANCE(REBARS ONLY)- 174.65 
REBARS AND MESH) 
PLASTIC NEUTRAL AXIS IN WEB • WEB COMPACT 











TEST 6 (SI 
1) DIMENSIONS: 
BEAM: DB=305.0 BWT~ 6.38 BFBT=165.4 BFTT=10.10 
BFBB-165.4 BFTB- I 0.19 RRB- B.90 
COLUMN : DC-20B.6 CWT- 7.80 CFB=204 . 2 
RRC-10.20 
END PLATE: EPT-15.30 EPB~166.0 BPH- B6.0 
BPV= 0 . 0 
WELDS: WAF= 7.0 WAW- 4. a 
BOLTS : ABOLT-2 45.0 DBOLT-20.0 
REINFORCEMENT: AR- 0 . 0 DR- 0.0 
PROFILED STEEL SHEETING : DS=120.0 
2) STRENGTHS : 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 
YI ELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: 
















FYM-66B . 0 
RESISTANCE OF END PLATE IN TEN SION- 296.67 kN 
RESISTANCE OF TOP ROW BOLTS IN TENSION= 352.BO kN 
MINIMUM RESISTANCE IN TENSION ZONE- 296.67 kN t:) 
RESISTANCE MOMENT OF STEEL CONNECTION= 74.14 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ON LYI - 74.1 4 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH)= 116.55 
(BEAM CROSS SECTIONAL PROPERTIES: A- 5240 
I- 85239456 Z- 55752B) 
RESISTANCE MOMENT OF STEEL SECTION= 
RESISTANCE MOMENT OF COMPOSITE SECTION : 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOMENT RESISTA NCE(MESH IGNORED)-
NEGATIVE MOMENT RESI STANCE: 
REBARS ON LY) 
PLASTIC NEUTRAL AXIS IN I-IEB • I-IEB COMPACT 
HOGGING MOMENT RESISTANCE(REBARS ONLY)= 
REBARS AND MESH) 













TEST 71 ... 1 
1) DIMENSIONS: 
BEAM: OB-305.8 BWT- 6.40 BFBT-165 . 1 BFTT-10.00 
BFBB-16 5.1 BFTB~lO .10 RRB- 8.90 BL- 9000.0 
COLUMN: DC-208 .8 CWT- 7.90 CFB-203.4 CFT-12.00 
RRC-I O.20 
END PLATE : EPT-15 .20 EPB=200. 0 BPH- 86.0 BME- 50.0 
BPV- 0.0 
WELDS: WAF- 7.0 WAW= 4.0 
BOLTS: ABOLT-245 .0 D80LT=20 .0 
REINFORCEMENT: AR-1357.0 OR- 90.0 AM-162.0 OM- 87.0 
PROFILED STEEL SHEETING: OS-120.0 OP-46.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM: 









YIELD STRENGTH OF END PLATE : 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT : FYM-668 . 0 
CUBE STRENGTH OF CONCRETE : 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION- 295.36 
RESISTANCE OF COLUMN FLANGE IN TENSION- 253.10 
RESISTANCE OF COLUMN liEB IN TENSION- 453.84 
MINIMUM RESISTANCE IN TENS ION ZONE- 253.10 
RESISTANCE MOMENT OF STEEL CONNECTION- 63.46 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)- 26 4 .3 4 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MES H)- 277 . 02 
(BEAM CROSS SECTIONAL PROPERTIES : A- 5214 
I- 85030136 Z- 554541) 
RESISTANCE MOMENT OF STEEL SECTION-
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOMENT RESISTANCE(MESH IGNORED)= 
NEGATIVE HOMENT RES ISTANCE : 
REBARS ONL Y) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS IN STEEL FLANGE 
HOGGING MOMENT RESISTANCE (RSBARS ONLY) -
REBARS AND MES H) 
WEB NOT COMPACT 
PLASTI C NEUTRAL AXI S I N STEEL FLANGE 
172 .9 2 
375.91 
27 1.28 














BEAM: OB-30S.7 BWT- 6.40 BF BT-16S.0 BFTT-I0 .1S 
BFBB- 165.0 BFTB- 9.9 5 RRB- 8 . 90 
COLUMN: DC-208.8 CWT- 7.90 CFB=204 . 6 
RRC- I O.20 
END PLATE: EPT=15.17 EPB=200 .0 BPH= 86 . 0 
BPV- 0.0 
WELDS: WAF= 7.0 WAW- 4.0 
BOLTS: ABOLT= 2 4S.0 OBOLT=20.0 
REINFORCEMENT: AR-13 S7.0 OR= 90.0 
PROFILED STEEL SHEETING: DS-120 .0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN : 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS : 
YIELD STRENGTHS OF REINFORCEMENT: 
CUBE STRENGTH OF CONCRETE : 
3) RESI STANCES: 




FYEP- 308. 0 
FUB-80 0. 0 
FYR=486. 0 
FCU=44 . 2 
BL- 90 0 0 . 0 
CFT- 12 .20 
BME= SO.O 
OM- 87 . 0 
FYBW= 302 . 0 
FYCW-296 . 0 
FYM-668 .0 
RESISTANCE OF END PLATE IN TENSION= 294.97 kN 
RESISTANCE OF COLUMN FLANGE IN TEN S I ON= 255.02 kN 
RESISTANCE OF COLUMN WEB IN TENSION= 453. 8 4 kN t) 
MINIMUM RESISTANCE IN TENSION ZONE- 255.02 
RESISTANCE MOMENT OF STEEL CONNECTION- 63 . 94 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY) - 262.64 
RESISTANCE MOMENT OF COMPOSITE CONNECTI ON 
(REBARS AND MESH)- 27 4.8 3 
(BEAM CROSS SECTIONAL PROPERTIES : A= 52 12 
1= 84920800 Z- 558754) 
RESISTANCE MOMENT OF STEEL SECT I ON-
RESISTANCE MOMENT OF COMPOS ITE SECT I ON: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AX I S I N CONCRETE FLANGE 
SAGG I NG MOMENT RESI STANC E(ME SH IGNORED)= 
NEGATIVE MOM ENT RESISTANC E : 
REBARS ONLY) 
WEB NOT COMPACT 
PLASTIC NEUTRAL AXIS IN STEEL FLANGE 
HOGGING MOI'1ENT RES ISTANCE (REBARS ONLY)-
REBARS AND MESH) 
WEB NOT C0t~P ACT 
PLASTIC NEUTRAL .; XIS HI STEEL rLr.NGE 
172 . 75 
375.66 
271. 03 












BEAM : DB-304.3 BWT- 6.20 BFBT-164.9 BFTT- 9.8 5 
BFBB-164.9 BFTB- 9 . 90 RRB- 8.90 BL- 9000 .0 
COLUMN: DC-209. 3 CWT~ 7.96 CFB-204.2 CFT=12 . 20 
RRC-1 0 . 20 
END PLATE: EPT-15.20 EPB-166.0 BPH- 86.0 BHE- 50.0 
BPV- 0.0 
WELDS: WAF- 7.0 WAW- 4.0 
BOLTS: ABOLT-245.0 DBOLT-20 . 0 
REINFORCEMENT : AR- 452.0 DR- 90.0 AM- 162 .0 DM- 87.0 
PROFILED STEEL SHEETING : DS-120 .0 DP-46.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 
FYBF-272.0 
FYCF-284.0 
FYEP= 308 .0 
FUB=800.0 
FYR-486.0 
FCU~41 . 7 
FYBW-302 .0 
FYCW-296.0 
YIELD STRENGTH OF END PLATE : 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT : FYM=668.0 
CUBE STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION- 295.36 
RESISTANCE OF TOP ROW BOLTS IN TENSION- 352 . 80 
MINIMUM RESISTANCE IN TENSION ZONE- 295.36 
RESISTANCE MOMENT OF STEEL CONNECTION- 73.65 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS ONLY)= 157.48 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH)- 191.52 
(BEAM CROSS SECTIONAL PROPERTIES: A= 5088 
I= 82509256 Z- 541500) 
RESISTANCE MOMENT OF STEEL SECTION- 168.31 
RESISTANCE MOMENT OF COMPOSITE SECTION: 
POSITIVE MOMENT RESISTANCE: 
PLASTIC NEUTRAL AXIS IN CONCRETE FLANGE 
SAGGING MOMENT RESISTANCE(MESH IGNORED)- 364 . 83 
NEGATIVE MOMENT RESI STANCE : 
REBARS ONLY ) 
PLASTIC NEUTRAL AXI S IN WEB , t-iEB COMPACT 
HOGGING MOMENT RESISTANC E (REBARS ON LY ) - 2 15 . 06 
REBARS AND MESH) 
PLASTIC NEUTRAL AXIS I N WEB , WEB COMP ACT 













BEAM: DB-304.9 BWT- 6 . 20 BFBT-165.1 BFTT- 9.80 
BFBB=165. 1 BFTB- 9 . 95 RRB= 8 . 90 BL- 9000 . 0 
COLUMN: DC-209.3 CWT- 7.96 CFB-204.2 CFT-12.20 
RRC-I 0 .20 
END PLATE: EPT- 15 . 20 EPB-166 . 0 BPH- 86 . 0 BME- 50 . 0 
BPV= 0.0 
WELDS: WAF= 7.0 WA\·/- 4.0 
BOLTS : ABOLT-2 45.0 DBOLT-20 . 0 
REINFORCEMENT : AR= 452 .0 DR= 90.0 AM=162.0 DM= 87.0 
PROFILED STEEL SHEETI NG : DS=120. 0 DP=46.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 
FYBF=272.0 
FYCF-2 84. 0 
FYEP- 30B . 0 
FUB-800. 0 
FYR=4 86.0 
FCU-4 1. 7 
FYBW= 302.0 
FYCW= 296 .0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM=668.0 
CUBE STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSI ON= 2 9 5 . 3 6 
RESISTANCE OF TOP ROW BOLTS IN TENSI ON- 3 52 . 80 
MINIMUM RES I STANCE IN TENSION ZONE- 2 95 . 36 
RESISTANCE MOMENT OF STEEL CONNECTI ON= 73.8 2 
RESISTANCE MOMENT OF COMPOSITE CONNECTI ON 
(REBARS ONLY)- 157. 8 9 
RESISTANCE MOMENT OF COMPOSITE CONNECTI ON 
(REBARS AND MESH)= 192 . 16 
(BEAM CROSS SECTIONAL PROPERTIES : A- 50 9 6 
I - 82956432 Z- 541788) 
RESISTANCE MOMENT OF STEEL SECTI ON= 168. 89 
RESIST.~CE MOMENT OF COMPOS ITE SECTI ON: 
POSITIVE MOMENT RE SI STANCE: 
PLASTIC NEUTRAL AXI S I N CONCRETE F" LANGE 
SAGG ING MOMENT RESI STANCE (M ESH IGNORED) = 365.78 
NEGATI VE MOMENT RESISTANCE : 
REBARS ON LY ) 
PLASTI C NEUTRAL AXIS I N WEB , WEB COMPACT 
HOGGING MOMENT RES I STAllCE(REBARS ONLY)- 215.70 
REBARS AND MESH) 
PLASTI C NEUTRAL AXIS IN WEB , WE B COMPACT 























DB-30 3 . 6 
BFBB- i64.6 
DC=21 0 . 2 
RRC*lO.20 
EPT-1 5.2 5 
BPV- 0 .0 
WAF- 7.0 
ABOLT-245 . 0 
AR- 0.0 
SHEETING: 





WAW- 4 . 0 
DBOLT=2 0 .0 
DR- 0.0 
OS- 0 .0 
8FBT=164.6 
RRB= 8.90 
CFB= 20 3. 7 
BPH= 86.0 
AM- 0.0 




BME- 50 .0 
01'1- 0.0 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 




FYR= V. O 
FCU- 0 . 0 
FYBW= )02.0 
FYCw=296.0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM- 0.0 
CUBE STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLA7E IN TENSI ON- 296 . 0 1 kN 
RES I STANCE OF :OLUMN FLANGE !tI TENSION= 256. 97 kN 
RESISTANCE OF COLUMN ,IEB IN TEtISION= 457.84 kN 
MINIMUM RESISTAIICE IN TENSI ON 30NE= 256 . 97 N 
RESISTANCE 110MENT OF STEE L CONNECTION- 63.90 kNm 
(BEAM CROSS SECTIONAL PROPERTI ES: A= 511 
I- 924425 60 z- 544 042) 









2) STRENGTHS : 
DB=3 05 . 5 
BFBB=1" ~ . 9 
DC= 210 . 2 
RRC=1 0 . 20 
EPT=l S.: ' 
BPV- o . a 
WAF= 7 . 0 
ABOLT =245 . 0 
AR= 0 . 0 
SHEETING : 
TEST 9 (S ) 
BWT= 6 .4 0 
BFTB=10 .1 5 
CWT- 7 . 98 
EPB=2 00 . 0 
WAW- 4 . 0 
DBOLT=20 . 0 
DR= 0.0 
DS= 0 . 0 
BFBT=164.9 
RRB ~ 8 . 90 
CFB=2 04 . 7 
BPH = 86.0 
AM - 0 .0 
DP= 0 . 0 
BFTT=10.07 
BL- 6000 . 0 
CFT= 12 . 25 
BME= 50 . 0 
DM= V. O 
YIELD STRENGTH S OF STEE ~ BEAM : 
YIELD STRENGTHS OF STEEL COLUMN : 
FYB F=L7 2 . v 
FYCF~ 2 84 . 0 
FYEP=3 08 . 0 
FUB=800.0 
FYR= 0.0 
FCU= 0 . 0 
F"YBW=3J2 . J 
Fycw=296. 0 
YIELD STRENGTH OF END 2LATE : 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM= 0 . 0 
CUBE STRENGT H OF CONCR~TE: 
3) RESISTANCES: 
RESISTANCE OF END PLA7E :N TEN SI ON= 295 . 23 kN CJ 
RESISTANCE OF Ce LUM!! :-~."~:GE It! TEN S ION = 255 . 50 dJ I 
........ 
RESI STANCE OF C:J LUMN ';IE3 IN TENSI Otl= 457 . 84 kN 0 
MINIMUM ~£SIST~~CE IN :E~SICN ZO NE- 255 . 50 KN 
RES ISTANC£ MOME:,':" OF 3:E£L CONNECII ON= ~3 . 9 8 kNm 
(B EAM CROSS SEC'!ONAL ~:<'CP£RT!ES : A= 5228 
!= -:~-ljf)32 ~= 55t)~ , ' ) 




BEAM: DB-450.9 BW1'~ 7. 93 BFBT- lS3.8 BFTT- I0.32 
BFBB-153.8 BFTB- 9 . 9 5 RRB- l O. 2 0 BL- 11S00.0 
COLUMN: DC-208.8 CW1'= 8. 02 CFB=204.0 CFT=1 2. 39 
RRC-I0.20 
END PLATE: EPT-lS.20 EPB-200.0 BPH- 86 .0 BME- SO.O 
BPV- 0.0 
WELDS: WAF- 7.0 WAW- 4 . 0 
BOLTS: ABOLT-245.0 DBOLT-20.0 
REINFORCEMENT: AR- 90S.0 DR- 90 . 0 AM-162.0 DM- 87.0 
PROFILED STEEL SHEETING: DS-120.0 DP-46.0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM : 
YIELD STRENGTHS OF STEEL COLUMN : 
FYBF=310 . 0 
FYCF-2 84.0 
FYEP- 30 B. 0 
FUB-80 0 . 0 
FYR- 48 6.0 
FCU - 49 . 8 
FYBW-33 0 . 0 
F'iCW-296 . 0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT : FYM=668. 0 
CUBE STRENGTH OF CONCRETE : 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION- 295 . 3 6 
RESISTANCE OF COLUMN FLANGE IN TENS I ON- 256 . 87 
RESISTANCE OF COLUMN WE B IN TENS I ON- 45 9.8S 
MINIMUM RESISTANCE I N TE NSI ON ZONE- 25 6.87 
RESISTANCE MOMENT OF STEEL CONNECT ION- 101.70 
RESISTANCE MOMENT OF COMPOSITE CONNECTI ON 
(REBARS ON LY )- 326.B7 
RESISTANCE MOMENT OF COMPOSITE CONNECT ION 
( REB~~S AND ME SH)- 372 . S7 
(BEAM CROSS SECTI ONAL PROP ERTI ES : A= 6621 
1- 204189728 Z= 912 793 ) 
RES ISTANCE MOMENT OF STEEL SECTI ON-
RESI STANCE MOMENT OF COMPOSITE SECT I ON: 
POSIT I VE MOMENT RE S I STANC E : 
PLASTI C lJEUT RAL AX I S IN CONCR::: 7E FLANGE 
SAGGING MOMENT RES I STANCE (MESH I GNORED): 
NEGATI VE MOMENT RES I STANCE : 
REBARS ONLy) 
334.28 
69 ~ .56 
P LASTIC NEUTRAL AXIS IN WEB , WEB NOT COMPACT 
HOGGING HOME NT RESI STANC E (REBA RS ON LY) = 40 . 90 
RE BARS AND MESH ) 
P LAST I C NEUTRA L AXIS IN WEB , ;'I£B NOT COMPACT 














BEAM: DB- 450 . 9 BWT- 8 . 00 BFBT=1 54. 0 BFTT=10.31 
BFBB= lS4. 0 BFT B=1 0.27 RRB= 10.20 BL=11 500 . 0 
COLUMN: DC- 20B . B CWT - B. 02 CFB-205. 0 CFT- 12.37 
RRC=1 0 . 20 
END PLATE : EPT-1 5. l B EPB-2 00 . 0 BPH - 86 . 0 BME= 50.0 
BPV= 0 . 0 
WELDS: WAF= 7.0 WAW= 4 .0 
BOLTS: ABOLT-2 45 . 0 DBOLT-20. 0 
REINFORCEMENT: AR- 90S.0 DR- 90.0 AM =162.0 DM= B7.0 
PROFILED STEEL SHEETING: DS-120.0 DP-46. 0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM : 
YIELD STRENGTHS OF STEE L COLUM N: 
FYBF= 310 . 0 
FYCF= 284 . 0 
FYEP =3 0 B.0 
FUB-B OO .O 
FYR-486. 0 
FCU- 49. 8 
FY BW=33 0 . 0 
FYCW=296 . 0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT : FYM-66B.0 
CUB~ STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENS I ON= 2 95.1 0 
RESISTANCE OF COLUMN FLANGE IN TENSI ON= 5 6 .68 
RESISTANCE OF COLUMN WEB IN TENS I ON- 459 . 85 
MINIMUM RESISTANCE IN TENS I ON ZONE= 256 . 68 
RESISTANCE MOMENT OF STEEL CONNECTI ON= 10 l. 58 
RESISTANCE MOMENT OF COMPOSI TE CONNECTION 
(REBARS ONLY ) - 328. 12 
RESISTANCE MOMENT OF COMPOSITE CONNECTION 
(REBARS AND MESH) - 374 . 54 
(BEAM CROSS SECTIONAL PROP ERTI ES : A~ 6701 
I = 20697 1520 Z= 91B800 ) 
RES I STANCE MOMENT OF STEEL SECTI ON-
RES I STANCE MOMENT OF COt1POS ITE SECTION: 
POSITIVE MOMENT RESI STANCE : 
PLASTIC NEUTRAL AXI S IN CONCRETE FLANG E 
SAGGING MOMENT RES I STANCE( MESH IGNORED)= 
NEGATI VE MOMENT RESI STANCE : 
REBARS ON LY) 
338 . 66 
702 . 34 
PLASTI C NEUTRAL AXIS "tl ',';E8 , ·.vES NOT CCMPACT 
HOGG I NG HOME NT RESISTANC E (REBARS ONLY) = 450.9 1 
REBARS AND MESH) 
PLASTI C !'lEUT RA L AXIS IN liE8 , i-IEB tJOT COMPAC 

















1) DIMENSIONS : 
BEAM: OB-305.1 BWT= 6.34 
BFBB-164.8 BFTB-IO.18 
COLUMN : OC-209 .8 CWT- 7.54 
RRC-I0.20 
END PLATE: EPT-15.19 EPB=166 . 0 
BPV- 0.0 
WELDS: WAF- 7.0 WAW- 4.0 
BOLTS: ABOLT-245.0 OBOLT-20.0 
REINFORCEMENT: AR- 0.0 OR= 0.0 
PROFILED STEEL SHEETING: OS- 0.0 








BL- 6000 . 0 
CFT-12 . 28 
BHE= 50.0 
DM- 0 . 0 
YIELD STRENGTHS OF STEEL BEAM: 
YIELD STRENGTHS OF STEEL COLUMN: 





FCU- 0 . 0 
FYBW-302.0 
FYcw-296.0 
YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM- 0.0 
CUBE STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSION= 295.23 kN 
RESISTANCE OF TOP ROW BOLTS IN TENSION- 352.80 kN 
MINIMUM RESISTANCE IN TENSION ZONE= 295.23 kN 
RESISTANCE MOMENT OF STEEL CONNECTION- 73.81 kNm 
(BEAM CROSS SECTIONAL PROPERTIES: A- 518, 
I- 84309768 Z- 548449) 
RESISTANCE MOMENT OF STEEL SECTION- 171. 72 kNm 
TESTll IS) 
1) DIMENSIONS: 
BEAM: OB= 305.5 BlOT- 6.36 BFBT=165.0 BFTT= 9.96 
BFBB=1 65.0 BFTB=IO .13 RRB= 8.90 BL- 6000.0 
COLUMN: OC=20 9.8 CWT= 7.54 CFB=204.4 CFT=12.2B 
RRC=10.20 
END PLATE: EPT=1 5.20 EPB=166.0 BPH= 86.0 BME= 50.0 
BPV= 0.0 
WELDS: WAF= 7.0 WAW- 4.0 
BOLTS: ABOLT-2 45.0 DBOLT-20 . 0 
REINFORCEMENT: AR- 0 . 0 DR= 0.0 AM= 0.0 DM- 0.0 
PROFILED STEEL SHEETING: DS= 0 . 0 DP= 0 . 0 
2) STRENGTHS: 
YIELD STRENGTHS OF STEEL BEAM: 









YIELD STRENGTH OF END PLATE: 
ULTIMATE STRENGTH OF BOLTS: 
YIELD STRENGTHS OF REINFORCEMENT: FYM= 0.0 
CUBE STRENGTH OF CONCRETE: 
3) RESISTANCES: 
RESISTANCE OF END PLATE IN TENSI ON= 295 . 36 kN ~ 
RES ISTANCE OF TOP ROVI BOLTS IN TEN S I ON= 3 52 . BO kN I 
.......... 
MINIMUM RESISTANCE IN TENSION ZONE= 295 .3 6 kN I\v 
RESISTANCE MOMENT OF STEEL CONNECTION= 73.97 kNm 
(BEAM CROSS SECTIONAL ?ROPERTIES: A= 519 8 
I= 8468811 2 Z= 5517 52 ) 
RESISTANCE MOMENT OF STEEL SECTI ON= 172 . 30 k Nm 
Appendix E 
Experimental Curves 
a) Moment-rotation curves measured by transducers (Tests 5-11) 
b) Moment-rotation curves measured by manual inclinometers on the 
Z-shaped plate (major axis tests) 
c) Moment-strain curves measured by strain gauges on reinforcement 
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Fig. E-9. Moment-rotation curves measured by manual inclinometer in Test 2 
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Fig. £-10, Moment-rotation curves measured by Fig. £-11, Moment-rotation curves measured by 
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" TEST 10 ¢ 
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Fig. E-JS, Moment-strain curves measured by strain gauges on reinforcement 















5 10 15 
Fig. E-16, Moment-strain curves measured by strain gauges on reinforcement 
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Fig. £-17, Moment-strain curves measured by strain gauges on reinforcement 











The crack widths were measured in Test 3 at a load level equal to half of the calculated 
maximum load on the composite connection. They were measured again after the specimen had 
been unloaded and reloaded to the previous level of loading (half of the calculated maximum 
load). 
In all other composite tests, crack widths were measured at the two-thirds of the calculated 
maximum load on the connection. 
In the minor axis tests, namely Tests 5,6 and 8, crack widths were also measured at loads 
greater than the two-thirds of the calculated maximum load, to give warning of impending frac-
ture of the reinforcement. This was to be avoided prior to the start of unbalanced loading. 
In the tables: 
1) The crack widths were measured along the specified lines. These lines are shown in Fig. F-l 
as lines EI, E2, Centreline, WI and W2 (denoting East and West sides). 
2) The numbers in the first row of tables belong to the crack patterns (transverse cracks per-
pendicular to the longitudinal centreline); numbering from the column toward the end of 
cantilevers. 
3) "Dis." means the distance (mm) of a crack being measured with respect to the transverse 
centreline of the specimen. 
4) "Load" means the load level (kN) at which the crack concerned was first observed to have 
formed. 
5) "w" is the width of crack (mm). 
6) "N" and "s" denote the north and the south side cantilever respectively. 
7) Where no value is given, the crack concerned did not intersect the measurement line men-
tioned in (1) above. 
8) Where more than one value of width is given for a crack pattern at a measurement line, the 
crack had been divided into several branches intersecting the measurement line. 
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Fig F-J, Lines along which crack widths were measured 
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EorW SIDE Pattern: I 2 3 4 5 6 7 
DIS. q) 2.5"0 ~2..0 - Gs-S- 7-30 Cf4-o 
N LOAD 80 J!O 'f.O - (00 /f0 12.0 
£2 W 0, Ii. 0.(0 0.(0 - a.os- o.os- a,oS"" DIS. IS- I!tO (!lr- 2-bO 440 ~IS" q£o 
5 LOAD 00 bO 80 tio ~D t10 ilO 
W o.o~ 0.0 ~ D,OS- 0,0)' 0.0 g o. 0 ~ n.a't 
DIS. t;;S"" 2tr ~IO - "(.,0 - _&Sr' 
N LOAD lo A·O ~ - (00 - no 
£1 W 0.(0 0,10 0.08' - 0.0& - o.oS DIS. 30 
- I~O J.J~o 3 ~ S'" G'LO qoS"'. 
5 LOAD 80 - 40 qo &0 till 110 
'vI O,-D5"_ 
-




- 6SS" +-iO 880 




~oo 61-0 Soc 
5 LOAD - ~o 110 - <bo ~o (co 
W 
-
0.03 o.or - O.l..r o.o~ 0.0·3 01 S. 80 f 'l r- 3r~ 4Qo ·5"40 ~-c '"].tIi) qc.' 
N LOAD s-o ~o ]...c 100 +a '90 2<) 12c 
WI W 0.10 0./0 o .oS'" o .oS- .s O.Or- ,S 0.0;-DIS. (r '}s- 1(:; r ~"lO 
-
--':L4:. ~ S1S'" 
5 LOAD ~o 't-o ItO ~o - '60 10 i) 
W o.o~ 0.,3 S o. (? - O,{O o·o~-
DIS. ,=,0 z.3S"' ,310 4Br 51-0 6&;0 tJco 
N LOAD (b0 ~o 80 /00 80 qc 1.1..0 
W2 W O,C~ 0./0 O.of o.or o.or O. t3 0.01 DIS. sS"' (bO .2.ko 3'1J SIO (i:,z..o ~(O ¥fr 
5 LOAD 40 ).0 '10 60 '&) goo ~ l" (00 
W 0.0; 0.0£ o,OS" o.o~ o.o~ c.o')' (J "r O.Ol 
Test 6 atJ5kN at 55kN ot83kN 
EorW SIDE Pattern: 1 2 3 1 2 3 1 2 3 
DIS. lOO 2.00 200 ~7r-
N LOAD 30 30 30 S"~' 
E2 W O/} I 0·(0 O·'/-f lo.ra 0.131 O.(lJ O.I3.1.~. 
--JUS. 2S" 2.) 25""0 25 250 ZlS' 
S LOAD z) lr- --'10 2~ 40 ?-o 
W o ·os- ()·o'l 0·30 0.3) I 0.20 O.b3 O. zS 
DIS. (50 ! 5'0 (50 64-) 
N LOAD 30 30 30 5~' 
W ~'- o.!>r 10.20 OClO I OJ) O.l. S" I 0.03 EI o.2~ 
-DIS. 5" 2D{) 5 200 s- 200 8!JO 
S LOAD z..s- 3S 2S 3:;- 2:;- 35 -:Jo 
W -t). oS" o.oJ o·o'il o.3f 0.40 I O./() 0.60 0.23 
DIS. 2.10 210 ~~o 
N LOAD 40 40 55' 
~ W 0.25 o. 5"3 0.28 OIS. 210 210 2(0 8"r 
S LOAD 30 30 30 ?-o 
W o .(]) 0.1) 10.0'1 1}.3~ 10./3 0.20 
DIS. 20S 20S 660 
N LOAD 40 4 0 s-s' 
WI W 0.35 O. 'f f" 0.2) lo.o~ 
-Jll.S. I?O 22S I ?-o 2ZS I -;'0 2ZS- ,,"r 
5 LOAD 30 25 3D l.S 30 2S" ?o 
W 0·1.] 0./3 0.13'10.03 0 . .33 ~I~I~I~ o.bO o. (f 
DIS. 250 20S 250 61-f" 
N -..LPAO 4 0 3'3 -to 55' 
W2 W 0.38 0.30 C. "S- 0.30 DIS. 23~ l. 3 s- 2~S '610 
5 r-rOAO 2~ 2S' 25 1-0 
W 0. 1310.10 ., O.Ze~·35 (.,.~rl 0.13 o.tS 
- ---
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z If) z If) z z If) z If) 
Test 8 
EorW SIDE iPattern: I 2 3 4 5 
DIS. 2S 11f 26S 4rs 
N LOAD 30 -=to /00 60 
Ws 0.2S" o./S" o .0S" (JQ'j 0.(0 
£2 Wu 0·30 0.0S" I O.jS" 0./0 () . IS' c. oS' O.Zf DIS. lOO 310 5.30 
5 LOAD so 00 C;o 
WS O.Z~ 0.03 0./0 O.fO 
Wu U .3) O.oS 0.2S 0.20 
DIS. /0 2.00 2.7)" 4QO 
N LOAD 30 fO 100 ~o 
Ws 0$10.08 c.o!>"lo.(o o .OS" 0.0)" o.oJ 
£1 Wu o.fO lo.or o.o~ I 0.3S" 0.10 ooS" O. UJ DIS. or 3 ~'S'" 5Jf-S' 
5 LOAD 50 6() 'i'0 
Ws 0.20 O.IS" 0.10 
Wu o. ~5'" 0.30 0.20 
DIS. lo! 4-2S" so~ 
N LOAD f-O rOo go 
Ws o.lr o.or o.oK 
~ Wu O.Ol\O.H 0.2.0 0.20 DIS. 2 f t; 31 <) 4'70 5S'f 
S LOAD {.o bo /00 qO 
Ws o.Og 0./3 0.03 o. /<;" 
Wu o.ot 0.20 o.OS o. I s-
Ol S. (00 2"0 420 4Qo 
N LOAD 40 "h/ ,"0 go 
Ws o.() O.I~ 0.(8' 0.0s" 
WI WU 0.(0 10.,"5 0.30 o.2.f o. /0 DIS. 50 'Z."s- 32.5'" 4r~ ~~5'" 
5 -L OAD "30 70 ~() .'lL qo 
Ws O.2.l 0.1l O./J O.OS" 0.13 
Wu o.~'1 D.o?1 0.3~ 0.0'1 I.or/a.oi' ().2.0 
DIS. /10 2,"0 41r 
N LOAD '0 ?o '0 Ws 0./3 O·I? o. '2 s-
W2 WU 0·60 D.os-Io.3s o. ~<t DIS. 0 Z.b~ 3s-0 470 
'" ?o 
5 LOAD 30 ?o Go 10 'fo Ws 0.-z.S'" 0·10 o./i O.IS' O·IS" 
WU o.~o 0·30 0.21 0.20 o·zo 
Ws: Crack widths at S LS ( calculated) Load = 100kN 























EorW SIDE Pattern: / 2 J 4 5 6 7 
01 S. - 14r - lif 3~O 410 580 73S'" 
N LOAD - 70 - (1)0 130 flo 130 130 
E2 W - 0.13 - o. t! 0.03 0.03 D.or o·or DIS. tr- /10 frr 330 Jf&) SIO 7~0 f£6l-
5 LOAD /10 gO 100 I~ 130 130 170 ;30 
W 0.(0 o.oi 0·10 O.W 0.10 o.oJ 0.0 r- o.oS' 
DIS. 4) I~r u,o Jil ~(O - 74f"" 
N LOAD 100 Go IJo 100 12AJ - 130 
£1 W tJ·/3 0.10 0·0)" 0·/r- 0·10 - 0·(0 DIS. 
-
70 1(0 IIiO 3ZS ~foo 
-
g(D 
S LOAD - (,0 ho 140 tio 130 - 110 
W -- o.or ~./r o.O~ o. (r 0.(0 
-' 0·10 DIS. - - -- J.oS'" - ':too 7()' 
N LOAD - - - (00 - 100 I](J 
~ W - - - 0.2.S' - 0./) ". or' DIS. -
-
2..'-0 3Z.~ 5'00 
- 7S"0 





o· oS- 0.2.0 O·fO -~ o.o! 
DIS. IS" /,'l.,Q 2"" 3r~ ~1() 5?S" 7zr nr 
N LOAD 130 60 '10. I (J 0 (D~ lUI (30 /70 




_1E- 130 170 /f0 
W - C.I! 0·10 o ./f' 0./0 0.03 a.or 
DIS. - I/O ''fo 30S" ~l3r 5S'r ,,/,o 11H' 
N LOAD - to ItO ~o 1(0 {" (1 1(0 /30 
W2 W - 11. oS' 0.00) () .10 0. (J~ 0. 1 0 o·or' o.of DIS. 0 rS" I iff 31( Jfo'lr' {:,(JI 730 8("'0 
5 LOAD 15"0 ~o /IA q() 130 11(.0 IJfO I)() 
W f).o 0.10 0.(0 0.20 0·10 -f).,,) ·o.oS' 0·0'-
Appendix G 
Derivation of Strain Relationships 
G-t 
Appendix G 
DERIVATION OF STRAIN RELATIONSHIPS 
From Fig. G-t, the following expression can be written for strain at any depth of the section 
in propped construction: 
D'-x 
Ex - - 'If Ey (-zrr-) (G.t) 
To find the depth at which strain equals the value of yield strain, Ey is substituted for Ex, which 
results in: 
(G.2) 
For a given value of 'If and x -D ,from Eqn. (G.t): 
(G.3) 
Since EEy -/y ,therefore: 
(0.4) 
The moment capacity of composite section in sagging bending is given by Gibbons(l992) 
as the following equation, taking moments about the centre of compression (see Fig. G-2): 
[~ (1 Dc) (1 x Dc )+(xo-x 2 Dc Mps - Aw/yD Aw +?) +x --';+D 2"") (j(xo-x) + (l-xo) + D) 
(G.5) 
For situations where f,op is tensile, the last two terms of Eqn. (0.5) will be replaced by: 
The values of x and Xo in Eqn. (G.5) are non-dimensional taken as the ratio of x and Xo in Fig. 0-
2 to the beam depth D • 
0-2 
The proportions of moment capacity achieved in the section for the cases of Tests 1 and 10 
are tabulated in Table 0-1. From the first and the last columns of the table, it is deduced that 
0.95 Mps corresponds approximately to values of 4.5Ey for propped and 6.0Ey for unpropped beam. 
From Eqn. (8.13), assuming s -1.3, the yielded length ly will be: 
ly - O.24L (l+k)-ll2 (0.6) 
Substituting ly from Eqn. (G.6) in Eqn. (8.14) and assuming ~ - 0.91, the plastic rotation 
can be written as: 
propped beam Emidspan - 4.5Ey 6p - 0.38 ~fs (1+k)-ll2 
unpropped beam Emidspan - 6.0Ey 6p - 0.5515 (1 +k )-112 
G-3 
Table G-l 
Type of beam 
, Ds D x 
'J:e Dc ~ M \jI D 7Y T5 D 7J;;; 
3 0.40 0.86 0.78 0.42 0.28 0.38 0.93 
4 0.40 0.86 0.87 0.56 0.28 0.38 0.95 
5 0.40 0.86 0.93 0.70 0.28 0.38 0.97 
propped 
3 0.25 0.91 0.73 0.27 0.18 1.00 0.92 
4 0.25 0.91 0.82 0.36 0.18 1.00 0.94 
5 0.25 0.91 0.88 0.45 0.18 1.00 0.95 
3 0.40 0.86 0.72 0.09 0.28 0.38 0.88 
4 0.40 0.86 0.81 0.22 0.28 0.38 0.91 
5 0.40 0.86 0.87 0.37 0.28 0.38 0.95 
unpropped 4 0.25 0.91 0.77 0.03 0.18 0.38 0.91 
5 0.25 0.91 0.83 0.12 0.18 0.38 0.93 
5 0.25 0.91 0.83 0.12 0.18 1.00 0.91 
6 0.25 0.91 0.87 0.21 0.18 1.00 0.93 
G-4 
-
-- ~ / \ I \ 
~" D D' ." 
Fig. G-J, Strain block 
-/ \ / \ 
.- ... 
~========t ~-I ,"-_.....I 
Y 
Fig. G-2, Stress block 
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I Project Superriaor 
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--_ .. -._._--
-..: -. 4-"1-'1 T l....lB == -Wl.LL. 
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~ ( a! . ~ - ~<P = Aw.L :10.1:\).,.. ~ "-'0 XIO~ --- ---
L~ E. :t. 2..lt X.~IO x..t~ ~ 00 )(10"' . . __ 
= ~. s- ...... ",cl 
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9 L 3 
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.L 
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o /4./ /6.9 36.8 
Fig. H-J , Sample check on required rotation using beam line method 
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